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Abstract

The management of existing civil infrastructure, particularly bridges, is a complex
and critical challenge in the field of civil engineering. Bridge deterioration has
become a pressing issue due to factors such as increased traffic loads,
environmental impacts, use of de-icing salts, limited maintenance programs, and
poor-quality structural materials. As a result, bridges can exhibit both structural
deficiencies and functional obsolescence, highlighting the importance of their
thorough assessment in modern civil engineering. Structural assessment is a
multi-stage process that involves refining analytical models, planning diagnostic
campaigns, and gaining a comprehensive understanding. However, this process is
often constrained by resource limitations, low accessibility, and the need for
accurate parameter estimation. Consequently, a systematic and rational approach
i1s essential to address the technical and economic challenges associated with
structural assessment. While several countries have developed safety assessment
guidelines based on different formats, there is a notable gap in terms of a suitable
framework to establish reliable and feasible techniques to achieve a predetermined
and acceptable level of knowledge. In order to limit this gap, the present research
defined a robust and practical framework for the structural assessment of existing
prestressed concrete (PC) bridges. To accomplish this objective, a comprehensive
experimental program was undertaken as part of the BRIDGE|50 research project,
focusing on full-scale testing of PC bridge girders removed after 50 years of

service. The aim of this program was to provide extensive data on the



performance of aging girders, facilitating informed decision-making processes for

bridge management agencies.

This thesis deals with several key areas of investigation in the context of the
structural assessment of existing PC bridges. Firstly, a thorough durability
assessment was conducted, employing visual inspection and non-destructive
testing (NDT) techniques. These techniques, including half-cell potential
mapping, concrete resistivity measurement, carbonation depth evaluation, and
corrosion current density measurements, effectively assessed the extent and rate
of deterioration and provided valuable insight into the structural condition of
bridges. The mechanical characterization of the materials was carried out using
destructive methods. For concrete’s mechanical properties, an integrated approach
with both destructive and NDT techniques has been also used, allowing for the
investigation of larger areas and reducing material uncertainties in a cost-effective
manner. For prestress loss estimates, several methods have been used involving
destructive tests, NDT, and analytical models. A valuable procedure has been
proposed to estimate the prestress loss for girders still in service, based on the so-
called saw-cut method. In addition, a comprehensive analysis of the structural
behavior was carried out through full-scale load tests on the PC girders. These
tests included different levels of damage and loading configurations, allowing a
detailed examination of the structural behavior under different scenarios. By
inducing different loading conditions to stimulate different resistance
mechanisms, the resulting load-deflection curves, midspan strains, and failure
modes were thoroughly analyzed. The outcomes of these analyses provided a
comprehensive insight into the performance of existing PC bridges under realistic
conditions. Finally, a comparative analysis of different safety formats was carried
out within a multi-level framework, ranging from deterministic to probabilistic
approaches. By integrating these safety formats into the assessment process, more

informed decisions could be made based on the research findings.



In conclusion, this research highlights the urgent need for a robust and
practical framework for the structural assessment of existing PC bridges. The
experimental program undertaken as part of this study provides valuable insight
into the performance and condition of aging bridge girders. By incorporating
NDT, characterization of mechanical properties, and comprehensive analysis of
structural behavior, the research presents a holistic approach to bridge assessment,
thereby aiding in the development of effective maintenance and management

strategies for existing PC bridges.
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Chapter 1

Introduction

1.1 Background

As inhabitants of the Earth, we are experiencing global crises interconnected by
the COVID-19 pandemic, the war in Ukraine, the food and energy crises, all
against the background of a climate change emergency. Major supply-chain
disruptions, rising inflation, and unsustainable debt are just some of the
destructive consequences of these crises on the current global economy.
According to the Sustainable Development Goals Report 2022 [1], maintaining
high-quality infrastructure plays a key role in economic growth and prosperity for
a country. Transport systems contribute directly or indirectly to the pursuit of
sustainable development. While infrastructure promotes growth by facilitating
access to education, healthcare, employment, and markets, its responsible
management can reduce the unsustainable consumption of resources. As part of
the transport infrastructure, bridges are essential elements as they connect
different points that usually cannot be accessed, controlling and influencing the
capacity of the traffic flow in the transport system. If a bridge is not functioning,
the viability of the road is compromised by delays, the need for alternative routes,
and increased travel distances [2]. Because of their importance, bridges need to be
carefully planned and designed, looking for the right balance between current and
future traffic demand, cost, and safety.

However, with the aging of the bridges, their structural integrity deteriorates
in spite of increasing loads and traffic volumes. This deterioration is exacerbated
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by the harmful effects of environmental pollution, extensive use of de-icing salt,
and the poor quality of construction materials. While the process of deterioration
is accelerating, it is expected that bridges will remain operational throughout their
lifetime. Therefore, although bridges are a strategic component of the
transportation system with significant social and economic impacts, the rate of
repair remains relatively slow, and maintenance programs are often limited.
Policy choices and the allocation of funds to other priorities contribute to this
deadlock, while the cost of bridge repairs continues to rise due to their aging and
weakening. Maintaining structures in a functional state is also a complex task due
to the wide variety of structural typologies. Different types of structures are
characterized by different behaviors, mechanisms of deterioration, and require
suitable maintenance operations. Moreover, bridge owners around the world are
today dealing with a huge stock of structurally deficient bridges in need of
modernization. Especially in Europe, a considerable number of bridges were built
between 1945 and 1960 to replace the numerous bridges that were destroyed
during the Second World War, and in the subsequent decade to build major
motorway networks. A large scale of resources was mobilized to build a great
number of new bridges, limiting maintenance to urgent repairs. Statistics from the
European Integrated Research Project “Sustainable Bridges” show that of 220000
bridges owned by 17 different railways and representative of the 300000 railway
bridges in Europe, almost 67% are more than 50 years old, while only 11% are
less than 20 years old [3]. In the United States, approximately 40% of the total
618000 bridges require structural repair, rehabilitation, or replacement. Currently,
42% of the highway bridges in this country are over 50 years old. It has been
estimated that at the current investment rate of $14.4 billion per year, it will
require until 2071 to finish all necessary repairs [4]. In developing countries, the
number of bridges is growing rapidly. In China, the total number of bridges
reached 860000 by the end of 2013, ranking first in the world. It is expected to
exceed one million by 2025. However, although the average service life of
national bridges is only 23.8 years, national railway bridges classified as severely
deteriorated account for 24.8% of the total number of bridges [5]. As it is
economically and strategically impossible to replace all structurally deficient
bridges in the short term, the average age of bridges and maintenance investment
will increase exponentially in the future. This situation reflects the urgent need for
comprehensive bridge management, including assessment, maintenance, and
strengthening methods, to reduce costs and make our bridges safe under the
required traffic conditions.
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Various factors such as diverse climates, environmental influences, design
and construction practices at different building site, lead to distinct challenges that
impact the management of bridges within a specific country. Consequently,
transport administrators in many countries have implemented appropriate bridge
management procedures and practices to assess structural conditions and facilitate
cost-effective decision-making processes. The bridge management committee of
the International Association for Bridge Maintenance and Safety (IABMAS) has
published a report on the bridge management systems adopted by 18 countries,
encompassing the management of approximately 1 million structures [6].
According to the JABMAS report, all transportation agencies utilize condition
information obtained from visual inspections to establish condition rating and
prioritize the maintenance work. Therefore, there exists a lack of standardization
in the field of bridge management. The policy governing the inspection and
assessment of bridge conditions depends on the infrastructure owner. Although
new standards and guidelines for assessing existing bridges have been developed
in some countries (e.g. USA [7], Canada [8], UK [9], Germany [10], Switzerland
[11], Netherlands [12] and Italy [13] are examples), in many cases, the assessment
is usually performed by considering traditional codes intended for designing new
bridges, and additional standards related to testing methods [14]. However, the
design codes for new structures, which are based on a semi-probabilistic
approach, make conservative assumptions regarding applied loads and
corresponding structural responses. While these codes have ensured the safety of
bridge designs over the years, their use for assessing existing structures may result
in unnecessary and costly replacements or strengthening of numerous structures.
Partial safety factors are defined to account for a wide range of uncertainties,
which may not accurately represent the reality for an existing structure. To obtain
a more accurate estimation of the actual load-carrying capacity and a realistic
definition of safety level, it is crucial to determine the actual conservation state of
the structural elements and the effective mechanical properties of the materials.
Common strategies for structural assessment are based on successive detailed
evaluations of the structural condition. However, the method employed by bridge
authorities to assess the bridge conditions and plan repair and strengthening
measures often ends with the calculation of a condition index based on visual
inspections [15]. General guidelines have been established to determine the extent
and severity of deterioration as part of the condition assessment. Non-destructive
tests (NDTs) are not yet sufficiently integrated and regularly applied within the
structural assessment process. There is a wide variety of methods available to
gather information on the structural condition, but selecting the most effective is
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not always straightforward. Due to limited knowledge regarding the associated
costs and time requirements, as well as difficulties in interpreting the data, bridge
authorities often not consider NDT information into the structural assessment
process. All of these remarks highlight that structural assessment necessitates a
rational judgement to address numerous technical and economic issues throughout
the entire process.

In such context, field measurements and full-scale experimental tests
represent a strategic action to calibrate bridge assessment models and ensure a
better understanding of the structural behavior of existing bridges. The use of
results from full-scale loading tests allows to consider the degree of uncertainty
that is representative of the bridge’s in-service condition. Moreover, these tests
provide a means to validate the practical applicability of assessment methods
under realistic conditions. Given the diverse range of structural typologies,
construction practices, environmental effects, and service lives, the knowledge
gained from experimental tests conducted on decommissioned bridges is of
significant value for each specific region. Storing high-quality disaggregated data
on the structural performance of old bridges could provide valuable insights for
similar bridges that are still in service. The establishment of a comprehensive
database could augment statistical information on material properties and
facilitate their incorporation into probabilistic strength assessments. Additionally,
further theoretical and experimental research is required to develop rapid and
cost-effective methods aimed at defining parameters essential for accurate
predictions of the residual structural performance of existing structures. However,
it is important to note that carrying out large-scale tests on existing bridges is both
expensive and challenging, and therefore its applicability remains relatively
limited.

The current state of bridge management necessitates the development of a
cost-effective framework for structural assessment that includes methods capable
of rapidly and reliably estimating the safety level. In light of this objective, the
present study was undertaken, supported by the unique opportunity to validate
methods and analytical models on full-scale prestressed concrete (PC) bridge
girders. Among various structural typologies, PC bridges are prone to hidden
effects that may not be readily detectable through simple investigations, requiring
a comprehensive approach for their safety assessment. The performance of PC
structures is significantly influenced by the bond between the steel and the
surrounding concrete [16]. For an accurate assessment of existing PC bridges, the
long-term effects leading to prestressing losses must also be taken into
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consideration. Furthermore, PC has been a dominant technique in the building of
motorway and road bridges worldwide. The shortage of steel after the World War
II made PC the most popular technique for bridge reconstruction during the
1950s. The production of precast beams under factory conditions resulted in cost-
effective structures with minimal formwork requirements and rapid construction
processes. Consequently, this facilitated the rapid urbanization of numerous major
cities since the mid-1970s, where the growing volume of motorway traffic
necessitated the development of long urban viaducts [17]. As a result, PC bridges
constitute a significant portion of similar bridge assets in terms of structural type
and age of construction, leading to an increased interest in assessing the structural
performance of existing PC bridges in recent decades.

Prior to establishing the experimental program and planning subsequent work
for this thesis, a comprehensive literature review was conducted to identify the
current practice and needs in full-scale failure testing of PC bridges, focusing on
aspects such as structural types, load test setups, prestressing loss assessment,
material characterization, and ultimate load-carrying capacity. Additionally, a
thorough literature review was conducted pertaining to various parts of the
project, aiding in the formulation of more specific research questions.

1.2 Literature review

The Walnut Street Bridge [18], built in 1960 in East Hartford, was a simply
supported multi-beam bridge. The deck consisted of 13 PC box girders with a
span of 16.5 m. Due to severe deterioration, it was decided to completely replace
the structure. A joint research program was set up to investigate the effect after 27
years of service on two beams. The average values of the concrete compressive
strength and the modulus of elasticity were measured as 49 and 28300 MPa,
respectively. The stress-strain curves of the strands were obtained, revealing a
modulus of elasticity of 171000 MPa and an ultimate tensile strength of 1810
MPa. The prestressing force was determined by considering the crack reopening
load during the loading test, resulting in an average strand stress of 1055 MPa at
midspan. After testing, the strand-cutting method was applied to the exposed
strand far from the yielding and transfer length, but with poor results. The beams
were tested with load applied at third points to simulate HS-20 (1989 AASHTO)
truck axle load. Both beams exhibited ductile behavior with ultimate bending
capacities of 223 and 213 kN. The measured values greatly exceeded the flexural
strength at factored load levels of 156 kN, required by the 1989 AASHTO
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specifications. Flexural cracking was not observed until loads of 129 and 158 kN
were reached, well above the service load of 69.4 kN. Rao et al. [19] analyzed the
fatigue behavior of two other beams from the same bridge. The beam subjected to
cyclic loading increments, producing a strand stress range of 0.06f,,, exhibited
excellent performance even after 1500000 cycles. However, the beam cycled with
a strand stress range of 0.11f,,, simulating the effect of frequent overloading,
experienced fatigue failure of the strand wires after 145000 cycles. The bridge
girders were expected to perform with satisfactory fatigue strength if infrequent
overloads occurred.

Azizinamini et al. [20] conducted an ultimate load test on a 25-year-old PC
girder taken from a bridge near Lincoln. The girder, designed as a PC I-shaped
cross-section, had a span of 16.7 m. According to the original design data, the
strands were prestressed to 1206 MPa, which accounted for 70% of their ultimate
strength. Material testing was performed on specimens obtained from undamaged
areas after the ultimate test, and the obtained data aligned with the material
properties specified in the design documents. The average compressive strength of
the concrete was 34 MPa and the ultimate tensile stress of the strands was 1788
MPa. When the effective prestress obtained from the crack test was compared
with the initial prestress, a total prestress loss of 20.7% was found. The ultimate
load test was carried out with a four-point bending test setup with the applied
loads at a distance of 1.8 m. The girder failed with crushing of the concrete in the
top flange at a maximum load of 327.9 kN.

The ATH-144-0844 bridge was a PC bridge built in 1954 in Ohio [21]. The
6.7 m wide deck consisted of 22 inverted T-beams and concrete fill. In 1994,
when it was scheduled for decommissioning due to misalignment and geometric
issues, the bridge was in good structural condition. Each composite specimen
removed, consisted of two adjacent inverted T-beams together with the concrete
fill. The composite specimen was 0.61 m wide and 8.85 m long. A total of five
composite samples were taken but only two were tested. After testing,
compressive tests on the concrete samples from the inverted T-beam and the fill
concrete gave an average concrete strength of 81 and 58 MPa, respectively.
Tensile tests were conducted on the prestressing steel, revealing an ultimate
strength of 1790 MPa. The loss of prestress was evaluated through the crack load,
decompression load, and strand-cutting methods. These methods yielded prestress
loss values ranging from 20% to 34% of the initial prestress of 1030 MPa. The
specimens were subjected to a three-point bending test configuration until the
compression concrete crushed. The results exhibited good agreement with the test
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data obtained from an original prototype beam casted in 1954, indicating that the
beam’s performance had not deteriorated after 40 years.

Pessiki et al. [22] conducted an experimental investigation on two PC bridge
I-beams after being in service for 28 years. These beams were extracted from the
Shenango River Bridge in Pennsylvania, with a span length of 27.6 m. As the
primary purpose of the experimental campaign was to determine prestressing
losses, the slab was removed during demolition. A thorough inspection revealed
excellent condition with no evidence of cracking prior to testing. Compressive
strength tests carried out on concrete samples removed after completion of the
ultimate load tests gave an average compressive strength of 58.2 MPa, greater
than 65% of the original design strength. Modulus data taken during the
compression tests gave an average value of 34100 MPa. Both beams were tested
in a three-point bending test configuration. Failure occurred by crushing of the
concrete in the compression zone at ultimate loads of 1115 and 1128 kN. The
average prestress loss calculated starting from the decompression load was 18%,
which was 60% of the loss predicted from the design specifications.

Eder et al. [23] tested two 50-year-old PC bridge girders 13.7 m long. The
cross-section of the girders was I-shaped and connected to the deck slab by shear
stirrups. The girders were post-tensioned with four bars, two of which were bent
into a harped profile prior to tensioning. The external condition was judged to be
good with the exception of longitudinal cracks from the quarter points along the
harped bar on one girder. Compressive tests on concrete cores taken from untested
girder on the same bridge, provided a compressive strength of 68 MPa. After the
loading test, samples of the bar were removed and tested to determine the tensile
strength properties. The bar was found to have an elastic modulus of 175 GPa and
a tensile strength of 1000 MPa. The post-tensioning stress was calculated using
the decompression load and was found to be 414 MPa. The loading test was
conducted utilizing a four-point bending test configuration, with a shear span of
about 5 m. The ultimate load capacity was indicated by the plateau load for one
girder and the load at which the bar rupture occurred for the other. The girders
failed at maximum applied loads of 346.5 and 335 kN, respectively. The
theoretical nominal capacity showed that the deck slab was not effective in
resisting the bending moment. In fact, the slab cracked and separated from the
girders during the test. The measured ultimate strength was 20% higher than the
live load based on AASHTO HS-20 truck loading, and even after 50 years, the
structural performance had not been compromised.
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The Sorell Causeway bridge was a 34-span PC road bridge built in Tasmania
in 1957 with a span of 13 m [24]. The deck consisted of 14 simply supported T-
beams, post-tensioned with two parabolic tendons containing 18 high-tensile steel
wires. In 2002, due to the increasing size and frequency of longitudinal cracks in
the web, it was decided to replace the bridge. During demolition, three beams with
good external condition, moderate cracking and severe cracking respectively,
were selected for detailed investigation. The load tests were carried out by
applying two-point loads at the third points of each beam. The beam in good
condition failed in bending at a load of 112 kN. The moderately and severely
cracked beams failed in shear with maximum loads of 57 and 83 kN, respectively.
Progressive failure of the strands in the tendons was recorded during each loading
test. The presence of corrosion significantly reduced the ductility of the beams
compared to the beam in apparently good condition, although the latter did not
have a capacity greater than the design load.

The bridge No. 35-17-6.80 was a three-span structure with equal lengths of
14.6 m, located in Ohio [25]. The deck consisted of nine adjacent hollow-core box
beams prestressed by twenty-seven strands in the bottom flange. Live load
transfer between the beams was achieved by both tie rods and shear keys. The
bridge was built in 1967 and after 43 years of service was considered to be in need
of replacement. Prior to decommissioning, a full-scale load test of the bridge was
planned to investigate the load transfer between girders with varying degrees of
damage. Within a single span, the damage consisted of a cut on the bottom side of
three beams, intercepting the first row of 14 strands. The load was applied over
two spans using three independent steel frames with a hydraulic cylinder at the
centre. A spreader beam was placed under each cylinder to distribute the load
across more beams. Initially, the load was applied individually from each cylinder
to study how the load was transferred transversely. In the second stage, all three
cylinders were loaded simultaneously to determine the ultimate capacity of the
span. The tests showed that the box girder behaved as a system. The undamaged
span had an ultimate capacity of 2077 kN and the damaged span had a total
applied load of 1633 kN, much higher than the service load.

During the construction of several new bridges in Utah, seven PC bridge
girders were collected from Interstate 215 to determine the effective prestressing
after 42 years of service and the ultimate shear capacity [26]. The bridge was built
in 1968 as a four-span bridge with spans ranging from 7.1 m to 20.4 m. The
investigated girders were 7.1 m long, I-shaped, with a composite slab.
Compressive tests on concrete samples showed an average compressive strength
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of 48.9 MPa. According to the original design, the prestressing force at jacking
was 964 kN and the estimated prestress loss was 19%. The strands were tested
with tensile test obtaining an ultimate stress of 1780 MPa. A group of five girders
were tested in a three-point bending test configuration to determine the effective
prestress using the decompression load method. The average effective prestressing
force for all the girders was 727.3 kN, corresponding to 25% of the losses. This
value was compared with calculated values using the AASHTO LRFD,
corresponding to 17% of losses. In addition, shear capacity tests were carried out
on two girders at 122 cm from the centre of the support. The ultimate shear
capacity was determined to be 727.7 and 1163.2 kN. A parametric study using a
detailed finite-element model showed that the differences in shear capacity were
mainly due to the concrete compressive strength of the concrete.

Four PC girders were collected from Interstate 15 in Utah [27]. The road
bridge was built in 1960 and consisted of two adjacent three-span bridges. In
2004, the space between the two bridges was used to accommodate additional
lanes. During decommissioning in 2011, four I-girders, adopted for the expansion,
were salvaged from a span of 11.1 m. The girders were prestressed with 11
straight strands in the bottom flange and 2 in the top flange, with an ultimate
strength of 1862 MPa. The original design gave an effective prestressing after
losses of 1132 MPa. The shear reinforcement extended into the deck concrete to
develop composite behavior. The specified compressive strength for the girder
concrete in the original design was 34.5 MPa at 28 days. Compressive tests on
concrete cylinders cored from the deck and girder gave an average compressive
strength of 58.6 and 77.9 MPa, respectively. The average prestressing stress
estimated using the decompression load method in a three-point bending test
configuration was 1010 MPa. This value was compared with both the general and
refined AASHTO LRFD methods, which gave values 4.9 and 8.4% higher than
the measured stress. After estimating the prestressing loss, the girders were tested
to failure with a point load at different locations to investigate shear, flexure-
shear, and flexure failures. Assuming d, the depth from the top of the slab to the
bottom of the girder, the tests were carried out with the load applied at distances
of 1d, 2d, 4d from the centre of the support and the midspan. Each of the tests
showed a similar failure with concrete crushing in the slab, except for the 1d test
which failed with shear cracks leading from the support to the load and sliding of
the prestressing strands.

Pepe et al. [28] reported load tests on three PC beams recovered during the
demolition of the Sorell Causeway Bridge in 2002, after increasing corrosion was
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observed. The bridge was the first PC bridge in Australia when it was completed
in 1957. It has been continuously exposed to an aggressive marine environment
throughout its life. The bridge consisted of 34 spans 13 m long, each consisting of
14 post-tensioned T-beams. Post-tensioning was applied by two 18-wire tendons
installed in parabolic ducts. The beams were selected to have severe cracking,
moderate cracking and good surface condition, respectively. Unpublished project
reports provided information on the concrete and prestressing steel strength,
which were reported to be 34 MPa and 1670 MPa, respectively. However,
subsequent tests conducted on the beams revealed average concrete compressive
and steel tensile strengths of 61 MPa and 1870 MPa, respectively. Each beam was
tested using a four-point system with loads applied at third points along the length
of the beam. During the load test, progressive failure of the prestressing wires
occurred without reaching the expected design capacity. The beam with the best
surface condition exhibited an ultimate moment of 483 kNm and failed in flexural
mode. In contrast, the other two beams failed in a brittle manner, characterized by
large diagonal cracks and ultimate moments of 333 kNm and 243 kNm,
respectively.

The Pesio Viaduct [29], built in Italy in 1965, was a 26-span bridge composed
of simply supported PC box-girders. Each span comprised five 35 m long girders
connected by transverse reinforced concrete beams. After 40 years of service, a
set of girders was removed for the modernization of the A6 Torino-Savona
motorway. An experimental campaign was commissioned to test 9 PC box-girders
characterized by different states of deterioration according to visual inspections.
The post-tensioning reinforcement consisted of 5+5 tendons placed in the two
lateral webs. The design documents indicated a characteristic tensile strength for
the prestressing reinforcement of 1800 MPa. The characteristic compressive
strength for the precast concrete and top slab concrete was 45 and 25 MPa,
respectively. The effective residual stress in the prestressing steel was determined
using the decompression load method. The percentage loss with respect to the
initial prestressing stress of 1106 MPa assumed in the original design ranged from
28% to 35%. The beams were tested to failure using a four-point bending test. The
maximum failure load was 1503 kN, recorded with the crushing of the top
compressed chord. The beams characterized by the most severe corrosion of the
prestressing and ordinary reinforcements showed a 35% reduction in the ultimate
load corresponding to the tensile steel failure or shear-failure along the connection
between the vertical webs and the bottom flange. The maximum failure load was
2.54 times greater than the design value given in the original design documents.
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The Kiruna Bridge in Sweden was a continuous five-spans bridge built in
1959 [30]. Due to subsidence caused by nearby mine workings, it was decided for
the demolition in 2014. In this context, a test program was planned to evaluate the
load-carrying capacity of the girders and strengthening methods using carbon
fibre reinforced polymers (CFRP). The decks consisted of three post-tensioned
girders connected to the top slab, ranging in length from 18 to 26.5 m, and a free
distance of 5 m between them. Construction drawings specified a concrete quality
higher than 40 MPa and a tensile strength for the post-tensioned reinforcement of
1700 MPa. Compressive tests on concrete samples taken from unloaded decks,
gave an average compressive strength of 62.2 MPa. Uniaxial tensile tests on post-
tensioned cables recovered during demolition gave an average tensile strength of
1734 MPa. Residual force in the post-tensioned cables was determined by
decompression load, saw-cut and theoretical methods, with a variability of 35%.
The loading system consisted of two transverse steel beams positioned to apply
loads in the midspans of each girder and loaded to obtain failures in one of the
outer girders and then in the inner girder. The loads for the two failures were
13400 kN and 12700 kN, respectively. Both girders failed in a mixed bending-
shear mode, with extensive concrete cracking and yielding of the reinforcement,
and subsequent failure of the stirrups crossing a diagonal crack in the girder.

Liu et al. [31] carried out destructive tests on four PC hollow beams that had
been in service for 20 years in a freeze-thaw region. The bridge was built in 1995
for the G1 Expressway in China. The beams were prestressed by 14 strands with a
strength of 1860 MPa and a tensile stress of 1395 MPa. The compressive strength
of the concrete was 40 MPa. After the loading tests, the concrete with low stress
and reinforcement were sampled and tested, resulting in a concrete compressive
strength of 44.9 MPa and a tensile strength of 1937 MPa for the prestressed
reinforcement. Before conducting the loading test, the corrosion potential of the
beams was measured. The results indicated that corrosion activity was observed
only at the end zone of the beams, while the remaining portions showed no signs
of corrosion. The loading tests were performed in a four-point bending test
configuration with a span of 15.6 m and a distance between the two loading points
of 2.0 m and 5.2 m, respectively, for each pair of beams. In the first loading
configuration, failure was achieved by the concrete crushing at the top edge with
an average ultimate load of 284.0 kN. In the other configuration, slippage of the
prestressed reinforcement and subsequent shear-compression failure was observed
with an average ultimate load of 282.9 kN. Slippage of the strands not only
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induced brittle failure with a reduction in load carrying capacity, but also changed
the location of the failure.

Wang et al. [32], based on the China expressway reconstruction and
expansion project, selected two hollow PC slab bridges with spans of 10 m and 13
m, to check whether the bearing capacity met the load standard after 22 years of
service. In the load tests, two load points were used at a distance of 2 m for the 10
m span and 3 m for the 13 m span. At the ultimate loads of 207.5 and 227.5 kN,
the concrete was crushed in the compression zone. According to JTG/J21-2011
specifications, the bending resistance was twice the standard load; the shear
resistance did not meet the standard load. However, it was considered that after
the expansion project, the traffic lane of the existing bridge was mainly used as an
express lane, resulting in a reduced impact on its usage. An integral cast-in-place
slab was also considered to improve the shear capacity.

Jeon et al. [33] presented experimental data on two 45-year-old PC bridge
girders in South Korea. The bridge was built in 1975 in a mountainous area and
has not been exposed to the marine environment. The superstructure consisted of
five PC I-girders with a span of 25 m. The girders were prestressed by 6 tendons
with 12 steel wires each. Given the absence of a comprehensive repair and
maintenance history, a detailed visual inspection was conducted. Due to severe
cracking of the slab, traces of water flow and efflorescence were found along the
surface of the girder. Cracking was also noted in several locations. To determine
the material properties of the concrete, the girder was cut every 1 m after the
loading test and a total of 120 specimens were taken through the concrete coring.
Overall, the average compressive strength was 37.1 MPa, higher than the design
strength of 35 MPa. The average ultimate strength and elastic modulus of the steel
wires were 1549 MPa and 200 GPa, respectively. To estimate the prestress loss,
the cracking load and strain change from wire-cutting methods were included in
the test program. The estimated prestress loss was 57% for the cracking moment
and 48% for the wire-cutting method, much higher than the 25% reported in the
design assumptions. The bending test was carried out in a three-point bending
configuration with a single actuator located at midspan. Of the two girders, one
was loaded until concrete crushing at the concrete slab and the other was tested
with multiple load steps inducing steel wire cuts. The maximum load and
displacement recorded for the girder tested under monotonic loading were 920.4
kN and 387 mm, respectively. The other girder exhibited a reduction of 14.5% in
strength and 16.7% in displacement, as evidenced by the load-displacement curve,
which exhibited a flattening trend before reaching the point of concrete crushing.
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Liu et al. [34] investigated the effect of fire on the residual capacity of two 20
m spans of hollow slab girders removed from a fire-damaged bridge in southern
China. The bridge had four spans and each span consisted of 15 PC hollow slab
girders. All the girders were 20 m long and were prestressed by 14 prestressing
strands. In 2018, a truck carrying thermoplastic polyurethane elastomer and cotton
caught fire, causing extensive damage to the girders. Two PC hollow slab girders
with varying degrees of damage were taken. One girder was near the centre of the
fire and had concrete spalling resulting in steel exposure, the other girder was at
the edge of the fire and had less damage. The nominal compressive strength of the
concrete was 50 MPa. The ultimate strength of the prestressing steel was 1860
MPa and the effective prestress was 1300 MPa. Investigations, including
inspection and relaxation tests, were carried out to determine the effects of the
fire. According to the inspection result, the highest temperature reached was
estimated to be over 800 °C. The strand-cutting method was used to determine the
effective post-fire prestress. The residual prestress of the exposed strands was
717.2 MPa, corresponding to a loss of 44.8% compared to the initial prestress
given in the design documents. The girders were tested in a four-point bending
test configuration, with loading stopped when the concrete in the compression
zone was crushed. For the girder with more severe damage, the displacement of
the loading point near the fire centre was significantly greater than the other
loading point and the failure load was approximately 400 kN. Prior to concrete
crushing near the damaged area, steel fractures were heard during the load test.
However, the other girder did not experience a complete fracture and the failure
load was approximately 412.5 kN. The residual bearing capacity of the two
girders was found to be similar due to the comparable maximum temperature
experienced by the prestressed strands. To determine the capacity loss of the
girders due to the fire, the bearing capacity of the original girders at ambient
temperature was calculated. The residual capacities of the two girders were 17.6
and 15.1% lower than the capacities before the fire accident.

The Alveo Vecchio viaduct was an Italian motorway bridge built in 1968 and
decommissioned in 2005 after the failure of a pier caused by a landslide [35]. The
viaduct had three spans and each span consisted of four 32.5 m long PC girders.
According to the design documentation, the girders were prestressed by 14 post-
tensioned parabolic cables with an initial jacking tension of 1250 MPa and an
ultimate strength of 1700 MPa. The design calculations were based on a concrete
compressive strength of 40 MPa. Prior to the load test, an extensive campaign of
NDT and laboratory tests was carried out to characterize the material properties.
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Pull-out and compression tests on concrete girders gave an average compressive
strength of 50 and 31.9 MPa, respectively. Tensile tests on prestressing steel gave
an ultimate tensile strength of 1742.7 MPa. The strand-cutting method was used
on individual wires for residual prestressing, resulting in an average residual stress
of 619 MPa. The viaduct was subjected to limited use of de-icing salts and no
signs of corrosion were observed during visual inspection. The loading test was
carried out with a load unit of 3x4 steel ballast weights of 100 kN placed by a
crane. Several loading phases were planned, followed by a stop criterion based on
a maximum midspan deflection of 300 mm. The stop criterion was reached with a
load of 9300 kN, resulting in an estimated resisting moment almost four times
greater than the bending moment specified in the design documentation. Visible
torsion was evident from the longitudinally deformed shape of each girder,
probably due to load redistribution, curb, different crack propagation or stiffness
variation.

1.3 Scientific approach and scope of the thesis

The scientific study was motivated by the need to enhance assessment procedures
for existing bridges and acquire a comprehensive understanding of their structural
behavior. Through an extensive review of literature on current experience about
large-scale experiments, various research findings were identified and
summarized as follows:

 the structures investigated have an average age of 35 years, with only two
cases exceeding 45 years;

+ the prevalent approach entails measuring the load-deflection curve,
midspan strains, and qualitatively assessing the failure type. No mention is made
of strand sliding, slab behavior, or strains along the shear span;

* only two studies utilize distinct static schemes to induce different
resistance mechanisms;

» deterioration assessment primarily relies on visual inspections, with
corrosion potential measurements being conducted in only one case;

 the original design documents are not always available and therefore it is
not possible to estimate the variation of mechanical properties and prestress loss;
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» destructive tests are extensively employed to estimate the mechanical
properties of concrete without reference to NDT;

» residual prestress is typically estimated through destructive methods,
resulting in high variability between experimental and theoretical values.

These experiments revealed an approach mainly based on traditional standard
procedures and a lack of recommendations for more informative structural
assessment. The adopted strategies primarily focused on determining ultimate
load and failure mode, without interest in defining practical methods that could
assist engineers in making rational decisions based on research outcomes. On the
basis of these findings, an extensive experimental program and subsequent works
were designed. To overcome the difficulties related to loading, measurement, and
limited accessibility to the investigated structural elements, it was decided to
dismantle the structural elements and store them in a large testing site within the
BRIDGE]|50 research project framework. This facilitated the standardization of a
diagnostic test protocol and monitoring layout during the loading tests. A
specifically built test steel frame was utilized for a better control over the loading
tests, accommodating different static schemes ranging from three-point bending to
four-point bending configurations. Upon establishing the aforementioned research
findings, the following objectives were outlined to be accomplished within the
scope of this thesis:

» evaluation of durability issues using NDT techniques;

* characterization of concrete’s mechanical properties through a
combination of destructive and NDT methods;

+ estimation of the residual prestressing with NDT;

 analysis of the structural behavior of full-scale PC girders under varying
damage and loading configurations;

+ comparison of different safety formats through deterministic and
probabilistic analysis within a multi-level approach.

The systematic execution of non-destructive and destructive tests was adopted
to validate the feasibility and effectiveness of these methods for assessing existing
bridges under real conditions.
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Chapter 2

Corso Grosseto viaduct

2.1 History

The C.so Grosseto viaduct, located in Turin, Italy, was a multilevel road
interchange built in a dense context of residential buildings and road network
(Figure 1). The infrastructure developed along two main lines in the north-western
part of Turin, namely the C.so Grosseto West - C.so Grosseto East (GWE) and
C.so Potenza - C.so Grosseto East (PGE) routes (Figure 2).

Figure 1: C.so Grosseto viaduct (west view).
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Figure 2: C.so Grosseto West — C.so Grosseto East and C.so Potenza — C.so Grosseto
East routes.

It was built in 1970 to meet the high traffic demand following the rapid
development of Italian industry and the consequent increase in the population of
northern Italy. Turin and the surrounding urban centres grew rapidly in number of
inhabitants, from 720000 in 1951 to 1125000 in 1967. In order to solve the
problem of traffic in the city, the municipality at the time ordered the construction
of a series of overpasses and underpasses at the most important hubs [1]. In the
case of the C.so Grosseto viaduct, the structural typologies adopted were statically
determinate schemes, constituted by PC elements, a typical solution consolidated
during the post-war reconstruction for their fast and economic building
operations. Due to the size of the structure, the girders were cast in steel moulds in
plants near the construction site and moved by crane (Figure 3).

Figure 3: The construction site during building operations [2].

The building process consisted of the construction of the lower part of the
deck, post-tensioning of the pier caps prior to the laying of the girders, placement
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of the girders, casting of the top slab and diaphragms, secondary post-tensioning
of the pier caps prior to the application of non-structural loads and finishing of the
deck. The C.so Grosseto viaduct was designed in accordance with the design live
loads specified in the Italian standards Circ. Min. LL.PP. 14/02/1962 n. 384 [3]. It
classified the roads in 1% category, intended for the transit of civil and military
cargoes, and in 2™ category, if intended for the transit of civil cargoes only.
Accordingly, the equivalent of a column of trucks corresponding to 12 tonnes and
an isolated military cargo of 74.5 tonnes were assumed, with a transverse length
of 3.00 m and 3.50 m, respectively. The magnitude of the sustained load on each
longitudinal member was estimated assuming the orthotropic plate behavior
defined by the Guyon-Massonnet-Bares method [4]. Located in a freeze-thaw
region of northern Italy, it has experienced high temperatures in summer and
temperatures several degrees below zero in winter. Over the years, exposure to
aggressive atmospheric agents and the massive use of de-icing salts have led to
problems of durability and consequent conservative maintenance. Unfortunately,
the repair and management history was not properly recorded. However, since
2009, maintenance records reported an increasing frequency of debris removal. In
April 2017, transit for heavy vehicles was restricted and, three months later, the
complete closure of the road interchange was ordered (Figure 4).

Figure 4: Management records: (a) rust inhibitor treatment (October 2014), (b) debris
removal from pier base (July 2016), (c) traffic restriction to 3.5 tons and 2.7 m height
(April 2017), (d) closure of the viaduct (July 2017).
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In September 2018, the demolition of the viaduct began for an urban
redevelopment project commissioned by the Piedmont Region and managed by
S.C.R. Piemonte S.p.a., an Italian contracting authority for public works. The
modernization of the infrastructure system consisted of a new underground
railway line, integrated into the existing railway infrastructure. The functionality
of the viaduct was replaced by a new four-lane road underpass and a more
efficient surface road intersection. The urban redevelopment also allowed the
renewal of all the sub-services. The Largo Grosseto interchange has followed the
development of Turin over the years, meeting different mobility needs
characterized by the dramatic increase in transport demand during the economic
boom, and the need for a more sustainable transport system today (Figure 5). The
demolition of the viaduct also provided the opportunity to activate the
BRIDGE|50 research project (bridge50.org) [5-6], a research agreement between
universities, public authorities, and private companies, with the aim of
investigating the residual structural performance of a 50-year-old structure that is
widespread in the Italian motorway heritage in terms of structural type and age.

Figure 5: Historical development of the Largo Grosseto interchange.
2.2 Geometry

The C.so Grosseto viaduct was an 80-span structure with a total length of 1.4 km.
The decks were inclined longitudinally to achieve a maximum vertical clearance
of 12.4 m for the GWE route and 5.9 m for the PGE route. Each of these two lines
was connected by two structurally independent decks, one for each carriageway,
with spans ranging from 16.0 m to 30.0 m and a total of 87 piers. The 8.3 m wide
superstructure consisted of ten inner PC I-girders, and two edge PC box girders
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per span. The longitudinal girders were connected with a cast-in-place 14.0 cm
thick reinforced concrete (RC) slab at the top and two transverse diaphragms at
1/3 and 2/3 of the span. The I-girders had a lower flange width of 58.0 cm and a
total height of 90.0 cm. The box girders were 96.0 cm high and 100.0 cm wide.
The girders were simply supported on laminated elastomeric rubber pads at the
PC pier caps and abutments. The decks were supported on RC piers founded on
spread footings. Figure 6 shows a typical cross-section of the viaduct at one pier.
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Figure 6: Geometry of the cross section at a pier (unit: m).
2.3 Material

Based on the original design document [7], the structural elements were designed
considering the allowable stress design method. The I-girders were designed to
have an ultimate load capacity of 823.9 kNm, while the box girders were designed
for a higher ultimate load capacity of 1638.7 kNm. The minimum estimated
compressive strength of the concrete in the girders was 32.1 MPa (fu > 26.6
MPa), and the reinforcing steel had generally f, = 215.8 MPa. The steel quality of
the prestressing strands was determined to be f,w/fp = 1474/1638. Archival
research into the laboratory tests provided the test certificates issued in the 1970s
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by the Testing Laboratory of the Politecnico di Torino. These documents reported
a 28-day concrete compressive strength of 50.3 MPa, averaged over 4
standardized cubic samples taken from precast girders. The concrete compressive
strength of the slab was 40.5 MPa, averaged over 7 samples. Mechanical tests on
20 samples of 12.5 mm nominal diameter strands gave an average yield strength
of 1486.0 MPa and an ultimate strength of 1722.2 MPa.

2.4 Girder reinforcing

Both types of girders were designed with 7-wire straight strands with a nominal
diameter of 12.5 mm. However, mild reinforcement was used to hold the shear
stirrups in place during casting. The I-girders were prestressed with 17 strands in
the bottom flange and 3 strands in the top flange. The box girders were designed
to be roughly twice as resistant as the I-girders, by doubling the cross-section and
the number of strands in the top and bottom flanges. The original design indicated
that after losses, the prestressing strands would have an effective prestress of
836.3 MPa, a 40% reduction from the initial jacking stress of 1400.7 MPa. The
girders were prestressed after steam curing with a 24-hour operating cycle in the
site plant (Figure 7). To introduce prestressing forces at predetermined distances,
three strands of the I-girder were unbonded in grouted ducts from the end to 5.0
m, and two strands from the end to 3.0 m. For the box girder, four strands were
unbonded up to 5.0 m, four strands up to 3.5 m, and four strands up to 1.3 m. The
minimum specified cover concrete for the prestressing strands was 45 mm.

Figure 7: Precast plant at the construction site [2].



2.5 Demolition operation 27

Shear reinforcement was provided using ¢8 mm stirrups spaced at 17.0 cm
from the end of the girder to 1.30 m, and 25.0 cm for the remaining span. The
stirrup arrangement was symmetrical to the centre of the beam. The bars extended
into the top slab to develop composite behavior with the girders. The slab was
reinforced with #8 mm square mesh of 20.0 cm at the top and bottom edges. The
reinforcement configuration is detailed in Figure 8.
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Figure 8: Layout of reinforcement in I-shaped and box cross-section.
2.5 Demolition operation

The demolition work took place during the initial phase of the new project, which
included the demolition of the GWE viaduct, the relocation of the subservices,
and the construction of the bulkheads of the railway tunnel. Being a strategic
infrastructure system, a proper planning was required to mitigate the
environmental impact and ensure regular traffic flow on the roadway at the base
of the structure, also including night hours. Regular technical meetings with
stakeholders and constant communication with citizens facilitated the application
of environmental impact measures [8]. The first phase started in May 2018 and
ended in October 2018, with a mixed demolition using diamond disc/wire cutting
and excavators equipped with hydraulic crushers (Figure 9).
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Figure 9: Demolition of the bridge using hydraulic crushers.

Demolition by cutting was used for the spans that were considered critical due
to their location in areas with greatest traffic flow and their proximity to buildings
and the electric tram network. Demolition using hydraulic crushers was preferred
in other areas in order to reduce working time. This method of demolition,
without prior handling of the structural members on the ground, was carried out
after the construction of a sand embankment approximately 30 cm thick, in order
to reduce the acoustic and vibrational effects associated with the falling of the
concrete debris. During the demolition work, the use of nebulised water directed
by suitable lance was used to reduce dust by up to 90%. In addition, an HDPE
sheet supported by mobile cranes was used to contain the projection of concrete
debris from the construction site towards neighbouring buildings.

The final decommissioning involved some of the central spans along the PGE
route and the reaming spans to the east and south direction, with the exception of
the two end spans, which were preserved for the BRIDGE|50 research project
(Figure 10). The dismantling of these structural members began on 29 May 2019
and was completed after 12 days, involving precision cutting, movement by a
500-tonne mobile crane and exceptional transport by truck.

Figure 10: End parts tested within the BRIDGJ50 research project.
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The bridge dismantling operations can be described with the following
execution phases (Figure 11):

* Wire/diamond cutting of the deck slab and the connecting transverse
diaphragms.

* Dirilling of the deck with a drilling machine at the top and a manual drill at
the bottom to allow the insertion of the lifting ropes, useful for the subsequent
lifting of the cut elements. A different drilling technique was used for the lower
surface to avoid cutting of the prestressing strands.

+ Slinging of the individual portions of the deck sectioned with ropes.

* Handling and subsequent transport by truck to the testing site for the
experimental campaign. Each transport was characterized by the movement of
three PC I-beams or a single PC box girder or pier cap. A maximum weight of 40
tonnes was allowed for the transportation truck used.

Figure 11: Dismantling operations: (a) cutting, (b) drilling, (¢) lifting, (d) transportation.
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A specific procedure was employed for lifting the pier caps. These elements were
disconnected from the piers by cutting with a diamond disc, while being
supported by a mobile crane.

A total of 31 structural elements, including 25 I-beams, 4 box girders, and 2
pier caps, were dismantled and stored in a testing site of approximately 6000 m?
in Turin. A detailed layout of the preserved structural elements in the original
deck configuration is shown in Figure 12, where the elements recovered for the
BRIDGE]|50 research project are shown in green, and the elements investigated in
this thesis are shown in red.
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Figure 12: In-service layout of the investigated structural members.

All elements were identified with a proper identification code relating to their
original position on the viaduct. Furthermore, in order to maintain the same
structural scheme in-service, the storage of the girders was carried out by placing
them on RC New Jersey elements. The deck girders were placed at a sufficient
distance from each other to facilitate detailed laboratory investigations on each
side.

2.6 BRIDGE|50 research project

At a time when monitoring the residual capacity and durability of old bridges is
becoming a relevant part of a management agency’s responsibilities, data on the
performance of old structural elements are needed to assist these agencies in
decision-making policies. Understanding the structural behavior of existing
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bridges is therefore crucial to optimize the management of the bridge stock. In this
spirit, the BRIDGE|50 research project was signed on 18 December 2018, a
research agreement between Politecnico di Torino, Politecnico di Milano, S.C.R.
Piemonte, Lombardi Engineering, Piedmont Region, City of Turin, Metropolitan
City of Turin, TNE Torino Nuova Economia, ATI Itinera & C.M.B., ATI Despe
& Perino Piero, and Quaranta Group. This agreement concerns the safety
assessment and residual lifetime evaluation of existing bridges by providing
experimental data on the long-term performance of structural member and by
developing a survey framework with validated diagnostic methods.

An extensive experimental programme was designed to assess the residual
structural performance of the girders, including NDT, full-scale load tests,
dynamic tests, laboratory tests, traditional and innovative techniques for diagnosis
from both chemical and mechanical point of view. The experimental programme
can be summarised in the following steps:

. preliminary activities prior to the demolition of the viaduct, including
visual inspections [9], concrete coring and carbonation tests on pier samples,
dynamic tests prior to the demolition of the decks to characterize the global
dynamic behavior [10];

. NDT at the testing site, including inspection, degradation mapping,
profometer test, rebound hammer test, ultrasonic test and electrochemical methods
for corrosion measurements;

. static and dynamic loading tests on the bridge girders;

. stress-relief tests on concrete and steel wires for the estimation of the
residual prestressing forces;

. material testing of concrete, reinforcing and prestressing steel;

. calibration of numerical models for safety assessment and development of
life-cycle design frameworks able to take into account the effects of material
aging and deterioration phenomena;

. summarization and dissemination of the research results to inform the
authorities involved in the management and inspection of existing structures.
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The data collected during the first phases, integrated with the original drawings,
provided a basis for the planning of the load tests, such as the layout of the
measurement Sensors.

The work described in this thesis was undertaken to provide experimental
verification of the performance of PC girders, including static load test results,
failure mode, prestressing force, and composite action. For the dynamic test
results, reference is made to published work [10-12].
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Chapter 3

Full-scale tests on PC girders

3.1 Introduction

The safety assessment of existing bridges may be required for several reasons,
mainly when they are subject to changes such as deterioration, mechanical
damage, repair, or new traffic load requirements. The assessment of existing
bridges can be seen as an adaptive process that refines and updates the current
state of knowledge. Based on the findings, it may be decided to conduct more
detailed surveys, refining the gathered information and enabling a more
sophisticated analysis. According to many national codes, the assessment of the
bearing capacity of an existing bridge is usually based on an examination of the
existing project documentation and a preliminary inspection of its condition. At
this stage, the characteristics of the bridge and the condition of the structural
members are identified and critically analyzed to determine the current level of
deterioration and its impact on structural safety. Supplementary investigations can
be carried out at higher levels of accuracy and complexity, to provide more
accurate data on material properties and current condition, which can be used as
input for more advanced analysis. Finally, at the enhanced evaluation level, the
actual material properties and behavior of the bridge, can be determined directly
through load testing. However, the level of refinement can be improved not only
by more accurate structural analyses and data collection methods, but also by the
use of appropriate safety formats. Depending on the level of knowledge and
related uncertainties, the structural assessment can be conducted using a purely
heuristic approach based on experience, deterministic and semi-probabilistic
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safety formats, or probabilistic analyses. In some cases, simple checks based on
information obtained from original documentation and visual inspection may be
sufficient to demonstrate structural safety. Conversely, employing a semi-
probabilistic method can be beneficial for establishing a standardized level of
safety. In other situations, this approach may result in excessive strengthening
measures, and the use of a less conservative probabilistic approach may be
required.

However, due to economic constraints, the step-by-step methodology for
routine evaluation is usually limited to the first level of knowledge. In this case, it
is not possible to take samples from the structure, and the material properties have
to be estimated indirectly. For concrete bridges, one starting point is the strength
class specified in the original design. However, the ongoing effects of hydration
and deterioration may have changed the resistance value, and a reassessment is
required. On the other hand, taking material samples is a time-consuming and
destructive process. As a result, only a few results are obtained, and these may not
be representative of the whole structure. The true resistance of the structural
elements may be misinterpreted or, conversely, overly conservative mechanical
properties and resistance models may be used.

Based on all these considerations, a proper diagnostic campaign was planned
and detailed in the present Chapter, including non-destructive tests, laboratory
tests, and loading tests. Several parameters relevant for the assessment of similar
structures still in-service were collected at different levels of details, concerning
the structural typology, the state of deterioration, the performance of the structural
members, and the mechanical properties.

3.2 Non-destructive assessment of deterioration

The first step of the experimental program was the preliminary assessment of the
state of conservation by checking the effects of deterioration on the structural
elements. As mentioned earlier, the first level of assessment usually assumes the
safety of the bridge based on the results of visual inspections. However, visual
inspections are limited to surface observations at a relatively late stage, when the
degree of corrosion is sufficient to cause surface cracking, delamination, and rust
staining, or when cracking is already present due to other mechanisms (cracking
load, thermal effects, support settlement). If the volume expansion of the corroded
steel is not sufficient to split stresses, some defects will remain undetected at this
level. Since visual inspection alone is not sufficient to determine adequate
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knowledge of the actual state of deterioration, a comprehensive diagnostic
campaign has been properly planned, including appropriate criteria, methods and
procedures to collect meaningful data on physical and chemical properties.

3.2.1 Visual inspection

The visual inspection campaign, which took place after the deconstruction, was
organized into three operative phases involving geometric surveys, photographic
surveys and deterioration mapping of each structural member. In the first phase,
the initial information provided by the original drawings were ascertained and
upgraded. Standard measuring instruments were utilized for the geometric survey,
while a magnetic cover-meter was employed to ascertain the arrangement of
reinforcement. The inspected areas, relating to the bottom and side surfaces,
confirmed the reinforcement layout of the original drawings. With respect to the
cast-in-place slab, the reinforcement layout was determined visually as it was
exposed by the cutting process conducted to isolate individual girders. A variable
step was found for the stirrups, resulting in an average value of 250 mm. A
concrete cover of 45 mm was confirmed for the prestressing strands, while a high
variability was observed for the ordinary reinforcement, with a minimum value of
10 mm. Photographic surveys of the elements showed that their condition varied
according to the different type of structure. In particular, significant signs of
deterioration were observed on the pier caps, with extensive delamination of the
concrete and consequent exposure of severely corroded reinforcement (Figure 13).
Such significant signs were associated with the lack of adequate drainage systems
and were exacerbated by the presence of de-icing salts, which are widely used on
bridges in the northern regions of Italy.

Figure 13: Effects of steel corrosion on pier cap.

In addition, deficiencies in the water drainage from the deck at the structural joint
greatly accelerated the deterioration of the end portions of the structural members
exposed to wetting. Figure 14 shows a corrosion scenario for the last four adjacent
beams of deck 47/46. Progressive deterioration can be highlighted from the
innermost I-beam to the outermost box beam, characterized by delamination of
the concrete cover in the more exposed girders.
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Figure 14: Corrosion scenario at the end of the girders adjacent to pier cap 46.

In addition to the exposure conditions that led to the macroscopic
deterioration problems, the detailed investigation of areas that were difficult to
examine with the bridge in service also revealed inadequate quality control during
the construction phases. Evidence of concrete segregation, mainly concentrated at
the ends of the girders, suggested a poor concrete vibration during casting (Figure
15a). This phenomenon, together with the congestion of reinforcing bars in the
same area, caused the presence of macro voids (Figure 15b). In addition,
inadequate concrete cover thickness for the steel reinforcement and consequent
corrosion initiation were also detected (Figure 15c).

(©)

Figure 15: Inadequate quality controls: (a) concrete segregation, (b) macro-voids, (c)
insufficient concrete cover thickness.

The results of the visual inspection campaign were used to classify the
structural members into three different categories: undamaged, damaged by
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corrosion, and damaged by dismantling operations. The latter category included
damage resulting from coring operations which caused the perforation of the
upper slab and/or cutting of the prestressing strands in the lower flange (Figure
16). Based on these three classes, the load test schedule was planned, starting with
undamaged beams to be used as benchmarks for subsequent load tests.

(B

Figure 16: Typical damages due to dismantling operations: top slab drilling and
strands cutting.

During the mapping phase, each sign of degradation was recorded in terms of
extent, location and properly reported in digital format. All cracks were carefully
marked, and the widths measured using a crack meter with spacing of 2.0 cm. An
overview of the survey sheets relating to the beams investigated in this thesis has
been reported in Appendix A. In particular, the cracks observed on all faces of the
beams were listed in terms of length and average width. The orientation given for
each face was related to the configuration of the testing site. As expected, the
most cracked surface corresponds to the eastern side of the box girder, which was
the most exposed to the environment during its service life. In this map, the cracks
appeared mainly parallel to the stirrups with an average width of 0.4 mm. In
general, the cracks detected in the [-beams were in the area close to the supports,
with an average width of less than 1 mm. Therefore, it was assumed that these
cracks would not affect the load carrying capacity and the beams were classified
as undamaged. Beam B6-P49/48 had two strands cut for dismantling operations
on either side of the lower flange at distances of 3.7, 9.6, and 15.5 m from the end
section respectively. The B10-Ab/P47 had two strands cut on the west side at
distances of 3.8 and 15.5 m respectively. Accordingly, both beams were classified
as damaged due to dismantling operations.
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3.2.2 Corrosion measurements

In order to obtain reliable information on the extent and rate of deterioration, and
to obtain durability parameters, NDT tests were carried out prior to the loading
tests. Corrosion of steel in concrete is one of the major durability problems,
especially when the passive state of the steel is disrupted by carbonation and/or
chlorides ingress. The rate of corrosion directly affects the amount of remaining
service life of a corroding structure and a number of diagnostic techniques,
namely half-cell potential, concrete resistivity, and corrosion current density, are
usually used to monitor it [1].

Since corrosion is the result of an electrochemical process, which involves
metal atoms releasing electrons and forming ions, a potential difference is created
between the uncorroded (cathode) and corroded (anode) areas. The most
commonly used electrochemical technique for determining corrosion activity is
the half-cell potential measurement [2, 3]. The measurement is based on the
electrical and electrolytic continuity between the embedded rebars, the reference
electrode on the concrete surface and the voltmeter (Figure 17).

Voltmeter

".\_I

Reference
electrode Equipotential
lines

Concrete

Figure 17: Half-cell potential measurement.

The numerical value of the measured potential difference between the half-
cell rebar and the reference electrode is related to the state of corrosion of the steel
in the concrete. According to ASTM C876 standard [4], a potential more negative
than -350 mV against the Cu/CuSO4 reference electrode (CSE) indicates a 90%
probability that steel corrosion is occurring at the time of measurement, and a
negative value less than -200 mV/CSE indicates a 90% probability that there is no
corrosion risk. However, depending on concrete moisture content, temperature,
chloride content, carbonation and cover thickness, different potential ranges for
active corrosion could be obtained in different structures [5, 6]. In order to
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consider such influences, a RILEM recommendation gives typical potential ranges
for different conditions [3].

Before evaluating the corrosion condition of the reinforcement and identifying
the anodic (corroding) and cathodic (passive) parts of the beams, a coordinate
system on the surfaces of the specimens was considered to correlate the
measurement points with the geometries of the elements. As the aim of the present
work was to evaluate the corrosion condition of the strands, a constant grid
spacing of 1.0 m in the longitudinal direction and 0.2 m in the transverse direction
was assumed on the bottom face for each girder. For a statistical evaluation of the
potential readings, suitable to provide a representative value of the magnitude of
affected area for each structural element, the half-cell potential data were plotted
on a cumulative frequency diagram (Figure 18).
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Figure 18: Cumulative frequency distribution of half-cell potentials measured on: (a)
B3-P47/46, (b) B8-P47/46, (c) B4-P47/46, (d) B9-P47/46, (¢) B6-Ab/P47, (f) B6-P48/49
(g) B10-Ab/P47, (h) B5-P47/46 girder.

It is interesting to note two different types of curves associated with the beams
shown in Figure 18. Specifically, the B3-P47/46, B4-P47/46 and B9-P47/46
curves have the highest number of readings in the potential range between -200
and -350 mV/CSE, indicating an intermediate corrosion risk with possible
carbonated concrete. The other set of beams have almost half the readings in these
ranges with a slope change shifted to -100 mV/CSE, corresponding to more
passive zones. However, in some cases there are readings more negative than -400
mV/CSE, associated with severe corrosion in chloride-contaminated concrete. As
the spatial variation of the potential readings is lost in the statistical
representation, the equipotential contour maps of the above curves are shown in
Appendix B. The statistical variability shown by the cumulative frequency plots is
confirmed within the contour maps. For B4-P47/46, B10-Ab/P47 and B5-P47/46,
the presence of potentials more negative than -400 mV/CSE has been confirmed
near the support zones, probably related to the contamination with de-icing salts.
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However, half-cell potentials provide a qualitative information on corrosion
activity without reference to the severity of the corrosion problem. A wide
variation in corrosion rate can be found for similar potential values. Depassivated
steel reinforcement may corrode at an advanced rate or so slowly that it will not
be a problem within the design life of a structure. Therefore, potential
measurements shouldn’t be used as absolute criteria to determine the corrosion
condition of steel in concrete and complementary data are required [7]. A major
influence on potential measurements is the moisture content of the surface layer of
the concrete. It is generally accepted that the corrosion rate in dry concrete is low
due to the high electrical resistivity, and in wet concrete, the corrosion rate could
be also low due to the slow transport of oxygen. At an intermediate moisture
content, the corrosion rate can be high due to relatively low resistivity and high
oxygen transport [8]. Furthermore, in structures with chloride-induced corrosion,
concretes with lower resistivity facilitate the transport of chlorides and the
depassivation of reinforcements. From another point of view, in the presence of
carbonated structures, the precipitation of calcium carbonate in the pores, leads to
a significant increase in resistivity and also to more positive potentials [9]. As the
electrochemical process involves the concrete as an electrolyte between the two
electrodes, the electrical resistivity of the concrete plays an important role in
controlling the transfer velocity of ion between the cathode and anode, and must
be combined with corrosion potential measurements [10].

The electrical resistivity of concrete is typically measured using the Wenner
four-probe method [11]. An alternating current is impressed between the two
outer probes and the resulting voltage drop of the electric field is measured across
the two inner probes (Figure 19). The concrete resistivity can then be calculated
by multiplying the measured ohmic resistance by a geometric conversion factor.

Figure 19: Scheme of the Wenner technique.



44 Full-scale tests on PC girders

It i1s generally recognized that the resistivity range from 100 ohm'm to 200
ohm'm represents a transition regime below which severe corrosion is possible
and above which corrosion is only rarely observed [10]. The resistivity
measurements were taken at the same sample points as the potential mapping, in
order to correlate the concrete resistivity surveys with the half-cell potential
surveys. Figure 20 shows the collected resistivities plotted on cumulative
frequency diagrams. The resistivity values have been limited to 10 kohm'm to
appreciate differences compared to the 1000 ohm'm limit, beyond which active
and passive steel cannot be distinguished as the risk of corrosion is negligible
[12]. Visual representations of the resistivity contour plot are given in Appendix B.
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Figure 20: Cumulative frequency distribution of electrical resistivities measured on:
(a) B3-P47/46, (b) B8-P47/46, (c) B4-P47/46, (d) B9-P47/46, (¢) B6-Ab/P47, (f) B6-
P48/49 (g) B10-Ab/P47, (h) B5-P47/46 girder.

The cumulative probability plot shows a high concrete resistivity with
approximately 10% of the points below the 1000 ohm'm threshold. Only for B3-
P47/46 was recorded the 25% of the points below the 1000 ohm'm threshold, but
well above the severe corrosion range. In addition, except for B5-P47/46, two
characteristic distributions can be observed: a first line with a maximum
resistivity between 2000 and 4000 ohm'm associated with 40-60% of the points,
and a second line with increasing values. In view of the results obtained, the
influence of the concrete quality and the environmental conditions should be
taken into account. The evidence of pore compaction found during visual
inspection, could have led at the intrinsic resistive inhomogeneities due to the
different moisture content of the concrete. On a microscopic scale, this means an
open pore structure and a higher connectivity of the pores to the CO ingress.
Therefore, the carbonation densifies the concrete and its depth becomes a relevant
parameter to estimate: if it extends beyond the concrete cover, its resistivity
controls the rate of any active corrosion, otherwise it is controlled by the
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resistivity of the concrete [10]. In addition, changes in temperature have an
important effect on the concrete resistivity. A decrease in temperature results in an
increase in the measured resistivity of the concrete and vice versa. Therefore, as
the measurements were taken in January with an average temperature of 10 °C, a
decrease of 3% to 5% per degree should be considered in the warmer periods [9].

The carbonation depth was determined chemically during the material
characterization phase of the experimental campaign. After the concrete core
drilling, phenolphthalein indicator solution was sprayed on the surface. A total of
thirty-three carbonation depth samples were taken from beams B3-P47/46, B8-
P47/46, B4-P47/46 and B9-P47/46 beam, showing an average value of 2.7 cm and
a standard deviation of 0.7 cm. When the carbonation depth is related to the
average concrete cover, it can be seen that the carbonation has reached the
reinforcement but is well below the 4.5 cm of the strands level. These results are
consistent with the depassivation of the reinforcement as indicated by the negative
half-cell potentials and the high resistivity values.

As described above, concrete resistivity measurements can be considered as
an additional descriptor of the tendency of a system to develop corrosion but are
not sufficient to assess the rate of deterioration. The amount of electronic current
generated by the anodic reaction and consumed by the cathodic regions of the
corroding steel can provide a useful quantitative indication of corrosion activity.
Therefore, to confirm the passive state of the strands, the instantaneous corrosion
rate was estimated on the same sample points as defined above. The corrosion rate
is determined electrochemically using the theory of polarization resistance
developed by Stern and Geary in 1957 [13]. The linear polarization technique
requires the steel to be polarized by an electric current and is based on the
assumption that the polarization curve is linear close to the corrosion potential.
The slope between the change in potential and the resulting current is defined as
the polarization resistance. The polarization resistance is related to the corrosion
current by the Stern and Geary formula [14]. Several analytical models have been
proposed in the literature to explain the effect of corroded steel, assuming an
appropriate equivalent electrical model. The device used to measure the
polarization resistance in this thesis is based on a recently developed technique
called Connectionless Electrical Pulse Response Analysis (CEPRA) [15, 16]. The
method is based on using a four-probe Wenner array configuration and assuming
a steel-concrete system with double layer capacitance at the steel-concrete
interface, concrete resistances and polarization resistance (Figure 21). The outer
probes are used to apply a current pulse, while the potential differences between
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the two inner probes are monitored. The polarization resistance, from which the
corrosion rate is determined, is obtained by fitting the measured voltage response
to the theoretical transient of the circuit over time.

Figure 21: Electrical circuit of reinforced concrete system in CEPRA.

From a practical point of view, corrosion rate values below 0.1 pA/cm?
indicate negligible corrosion associated with steel reinforcement classified as
passive, the range between 0.1-0.5 pA/cm? can be considered the transition region
between passive and active corrosion, and values above 1 pA/cm? represent a high
corrosion rate [17]. According to the half-cell potentials and resistivities
measurements, each structural member was treated statistically to obtain a
representative condition (Figure 22). The pattern of the corrosion current is shown
in Appendix B.
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Figure 22: Cumulative frequency distribution of corrosion rate measured on: (a) B3-
P47/46, (b) B8-P47/46, (c) B4-P47/46, (d) B9-P47/46, (¢) B6-Ab/P47, (f) B6-P48/49 (g)
B10-Ab/P47, (h) B5-P47/46 girder.

The corrosion rate was found to be below the limit of 0.1 pA/cm? in 65-80%
of the sample points and was therefore negligible. The B6-P48/49 beam presented
the highest number of sample points in the passive state, equal to 97%, while the
B9-P47/47 beam presented the lowest number, equal to 48%. The remaining
points showed relatively low levels of corrosion, except for a few isolated points
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where the corrosion rate was higher than 0.5 nA/cm?. This tendency agrees well
with the intermediate value observed for the half-cell potentials and with the high
variability of the electrical resistivity measured.

The representative values of the structural elements are given in Table 1. The
effective contribution of the data has been taken into account by calculating the
weighted average with reference to the thresholds specified above for each
parameter.

Table 1: Weighted average of corrosion measurements.

Half-cell Electrical
Beam ID potential resistivity
(mV/CSE) (ohm-'m)

Corrosion
rate (LA *cm?)

B3-P47/46 -263.3 7423.5 0.06
B8-P47/46 -192.7 6955.5 0.10
B4-P47/46 -223.8 10496.9 0.08
B9-P47/46 -243.3 6368.6 0.14
B7-P47/46 - - -
B6-Ab/P47 -148.7 10711.7 0.12
B6-P48/49 -166.5 7361.4 0.04
B10-Ab/P47 -194.3 18060.7 0.08
B5-P47/46 -208.7 15355.5 0.06
Bx2-Ab/P47 - - -

Overall, the electrochemical measurements revealed a generally passive state
of the reinforcement, with the exception of a few areas where the presence of
chloride ions or the lower resistivity, probably associated with a localized increase
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in porosity, resulted in a low corrosion rate. However, the carbonation depth was
found to be lower than the concrete cover of the strands, thus attributing the low
corrosion activity detected to the rebar. Destructive tests carried out as part of the
experimental campaign allowed to remove the concrete cover and confirmed the
good state of preservation of the strands, with no signs of rust. It is worth
mentioning that the concrete cover of the prestressing strands was found to be in
compliance with the minimum value requirements for the durability of
prestressing steel according to the Eurocode 2 (EC2) provisions [18], taking into
account the structural class S4 and the exposure class XD1/XS1.

Finally, it should be mentioned that the electrochemical measurements show
daily and seasonal variations due to changes in temperature and relative humidity.
However, the aim of the present work was not to predict the evolution of
structural degradation, but to assess the condition and influences on the structural
behavior at the time when the measurements were carried out. Therefore,
measurements over a long period of time were not required.

3.3 Full-scale load tests

Static load tests are usually performed to measure the corresponding deformations
and to verify whether the actual working condition of the new bridge meets design
assumptions. Load tests can also be conducted during the service life if the
structural integrity of the bridge is compromised. Moreover, the experimental data
from the load test are also useful for calibrating numerical models of the viaduct,
representative of the in-service performance. Basically, two types of static load
tests can be used: diagnostic load tests and proof load tests [19]. Diagnostic load
tests are used to update structural models with respect to observed response under
service load. In contrast, proof load tests are intended to verify whether a bridge
can withstand prescribed loads without significant non-linear effects. Diagnostic
load tests are suitable for in-service bridges, where only the linear elastic response
can be observed. However, the response of a structure to in-service loads is not
fully representative of its behavior at higher loads due to non-linearity, stress
redistribution, and interactions between elements. Testing elements up to failure
provides more detailed information about non-linear behavior and the maximum
bearing capacity of the bridge. However, its application is relatively rare because
the bridge must be decommissioned after the test is completed.

Within the BRIDGE|50 framework, there was the unique opportunity to study the
response of existing PC bridge girders during a load protocol up to failure. Based
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on the main objective of collecting as much informative data as possible by
performing load tests, a proper design was implemented, including appropriate
sensors, their location, and the load test setup.

3.3.1 Loading tests plan

The planning of the research project was designed to test beams with a range of
degradation, from those in good condition to those exhibiting controlled damages.
Finally, beams damaged by corrosion will be also tested in order to correlate the
extent of deterioration observed with the residual bearing capacity. The first part
of the experimental testing campaign, included in this thesis, involved B3, B4, BS,
B7, B8 and B9 girders belonging to P47/46 span, B6 belonging to P48/49 span
and B6, B10 and Bx2 belonging to Ab/P47 span. As detailed in Section 3.2.1, all
beams were classified undamaged except for B6-P49/48 and B10-Ab/P47 which
showed damages induced by the lifting operations. To study the contribution of
the cast in situ slab to the composite behavior with [-beams, the B9-P47/46 beam
was tested after the removal of the slab by saw cut. Finally, to investigate the
flexural behavior change due to a reduction of about 50% of the prestressed
reinforcement comparable to a high level of corrosion, controlled damage was
induced to B5-P47/46 beam. The damage was created by cutting a total of eight
strands in the bottom flange at a distance of 60.0 cm on either side of the girder
midspan (Figure 23).

Figure 23: Strands cutting in B5-P47/46 girder (bottom view).

Several test setups and loading procedures were planned to examine various
phenomena. To investigate the bending resistance of the girders under the
combined influence of shear and flexure, a three-point bending test configuration
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was adopted. In addition, the four-point bending test configuration was also
considered, where loads were applied with appropriate shear span to induce a
constant bending moment region and approach shear failure. In this thesis has
been reported the experimental tests referred to flexural failure. The loading
process was planned with two distinct phases. The first loading phase aimed to
achieve stabilized crack opening, while the second loading phase, following the
unloading of the first phase, enabled the determination of decompression load and
the ultimate load capacity. For B9-P47/46 beam, a monotonic load test was
specifically planned to analyse the structural behavior up to failure, excluding the
influence of the initial loading phase. The PC box girder was subjected to loading
in three phases. The first phase involved one cycle of loading after cracking,
followed by one cycle with stabilized cracks. Finally, the girder was subjected to a
load until failure, allowing for a comprehensive investigation of its structural
performance. The specifies of the load test protocol are reported in Table 2.

Table 2: Load test protocol.

Beam ID Type Class Test setup I;)Ol?;i:sg
B3-P47/46 Composite ~ Undamaged 3p.b.t 2
B8-P47/46 Composite Undamaged 3p.bt 2
B4-P47/46 Composite ~ Undamaged 3p.b.t 1
B9-P47/46 I-beam Undamaged 3p.b.t 2
B7-P47/46 Composite ~ Undamaged 4p.b.t 2
B6-Ab/P47 Composite ~ Undamaged 4p.b.t 2

Damaged
B6-P48/49 Composite by 4p.b.t 2

dismantling
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Damaged
B10-Ab/P47 Composite by 4p.b.t. 2
dismantling
B5-P47/46 Composite antrolled 4p.b.t. 2
amage
Bx2-Ab/P47 Composite/box Undamaged 4p.b.t. 3
beam

Due to the extent of the project, external contractors were required to move
the girders, and effective coordination among them was a crucial part of the
planning process. This work also included risk analysis to ensure a safe working
environment.

3.3.2 Loading frame

One of the aims of this research study was to establish a diagnostic test protocol
capable of effectively recording the performance of PC girders under both service
and ultimate conditions. To meet this requirement, a loading frame was
specifically designed and supplied by the Interdepartmental Center for the Safety
of Infrastructures and Constructions (SISCON) of Politecnico di Torino. The
large-scale experimental testing ensured a robust and reliable assessment of the
structural behavior of the girders, allowing for systematic field loading and easy
access for sensor installation.

The load frame was a semi-permanent steel structure suitable for testing
structural elements with span up to 30.0 m. The supporting base consisted of two
main steel longitudinal beams, each composed of five bolted I-shaped sections.
These segments were built by welding a 2.0 m high web to 1.0 m wide flanges
with plate stiffeners at 1.0 m intervals. The longitudinal beams are connected
transversally by five 1.5 m long I-beams (Figure 24).
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Figure 24: Building stages of the steel reaction frame.

The specimens under testing are located on the supporting frames (blue color
in Figure 25), where specifically designed bridge bearings replicate the statically
determinate static scheme. The hinge and roller bolted to the supporting frames
have a support plate of 400 x 400 mm and allow +4° of rotation; the roller allows
+150 mm of longitudinal displacement [20].

Figure 25: Technical drawing of the load frame: steel frame base (black), supporting
frames (blue), and loading system (red) (unit: cm).
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A system of four hydraulic jacks is used to apply external loads to the girders.
Each jack, hosted into a steel reaction member hinged to the main longitudinal
beam, acts on a thrust plate (red color in Figure 25). The reaction force generated
is then transferred by six 32 mm steel bars on the opposite plate, which act on a
transverse steel beam. The transverse steel beam is used to transfer the load from
each pair of hydraulic jacks to the specimen under testing. The capacity of one
jack is 1.2 MN, with a stroke length of 750 mm. The loading system is activated
by the use of a hydraulic pump with loading rate controlled by the pump pressure.
Both the supporting frame and the loading system can be bolted along the
longitudinal beams at 10 cm intervals, to test structural members with different
spans under three or four-point bending test configurations. The span length
adopted in the present work was 19.0 m and the two pairs of hydraulic jacks were
positioned 0.3 and 3.0 m away from the midspan, to perform loading tests with
three and four-point configuration, respectively. Figure 26 shows a general view
of the two setups.

(b)

Figure 26: General view of test setup: (a) three-point loading configuration, (b) four-
point loading configuration.

3.3.3 Measurement system

A measurement plan was designed to record the structural response of the girders
and to control the loads applied during the tests. The layout of the monitoring
system was defined to measure key parameters providing a comprehensive
understanding of the structural behavior of the girders. The pilot locations were
determined according to the load test setup and subsequently tailored considering
both the already performed load tests and the specific specimen under testing.
This section summarizes the equipment used to measure the parameters reported
in this thesis and detailed below:

. load: measured with load cells placed between the actuators and the thrust
plate to measure the acting forces applied to the girder and check the symmetrical
loading condition;



56 Full-scale tests on PC girders

. vertical displacement: measured with linear displacement transducers
between a fixed frame and the top slab adjacent to the supports;

. horizontal displacement: measured longitudinally with linear displacement
transducers between a fixed frame and the cross-section at the ends of the girders;

. deflection: measured with three draw-wire sensors and six linear
displacement transducers linked to the lower side of the girders with Invar alloy
wires;

. concrete bending strain: measured with linear variable displacement
transducers (LVDTs) installed on aluminium frames to obtain average strain
referred to a measurement base of 400 mm for I-girders and 500 mm for box
girder. The LVDTs were located longitudinally to measure the tensile and
compressive strains of the concrete around the midspan. Vertically aligned
LVDTs were intended to measure the strain distribution in a cross section of the
girder. Furthermore, two electrical strain gauges were installed on the top and
bottom flange to compare the LVDTs measurements. All the strain gauges had
120-ohm resistance and measuring lengths of 20 mm;

. concrete shear strain: measured along the shear span with LVDTs installed
on supporting frames oriented at 45° and measurement base of 700 mm;

. strand slip: measured with linear displacement transducers between
unbounded strands and a frame fixed to the concrete cross-section;

. relative slip between cast-in-place slab and precast beam: measured with
linear displacement transducers. It was installed in the shear span for the
specimens tested with four-point bending test setup;

. longitudinal strand strain: measured with a strain gauge installed on a
single wire at a distance of 1.3 m from the midspan. The strain gauge had 120
ohm resistance and measuring length of 2 mm. This was used for the box beam
load test.

Different LVDT stroke lengths were set depending on the expected direction of
displacement. The following notation was used to identify the location at which
the sensors were placed, followed by a progressive number, indicated here with

(13 2

XX
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. V-xx: vertical displacements at the supports;

. H-xx: horizontal displacements at the supports;

. D-xx: vertical displacement to the lower side of the girder;

. C-xx: concrete strain at the top or web around the midspan;

. T-xx: concrete tensile strain at the bottom flange around the midspan;

. SG-xxC/T: concrete strain on the top slab “C” and the bottom flange “T”;

. SH-xxA/B: concrete shear strain distinguished by “A” negative and “B”

positive slope;

. STR-xx: strand sliding;

. SL-xx: slab sliding;

. LST-xx: longitudinal strand strain.

The detailed layout of the instrumentation installed for each load test is shown in
Appendix C. The schemes refer to the monitoring system installed on one side of
the beams. Due to the different environmental exposures during the service life of
the two webs of the box girder, it was decided to duplicate the monitoring system
to control both sides. The number of sensors installed for each individual position
and load test is given in Table 3.

Table 3: Number of sensors installed for each load test.

Position
Tot.
Beam
sensors
V H D C T SG SH STR SL LST
B3-
patae 2 - 9 4 7 - 20 2 - - M
B8 9 4 7 - 2 2 - - 44

P47/46




58 Full-scale tests on PC girders

B4-

paTae 2 2 9 4 7 - 16 2 - - 4
P41137S;:l6 2 2 9 2 6 - 20 2 - - #
porme 2 2 09 2 6 2 20 2 1 - 4
Af/g_m 2 1 9 6 6 2 16 2 1 - 45
Pf86/;19 2 1 9 6 6 2 16 2 1 - 45
A]l;)/ll(’)c-ﬂ 2 1 9 6 6 2 16 2 1 - 45
P411375/:16 2 1 9 6 6 2 16 2 1 - 45
A113)713;7 2 - 9 6 6 3 16 2 1 1 46

During all phases of measurement, the sensors were connected by wire to six
data acquisition systems where data were collected at a sampling frequency of 10
Hz and stored on a computer. After each load test the cracks were carefully
marked and then reported in digital format using a digital camera. In addition to
the monitoring during the loading test, other parameters were recorded during the
diagnostic tests. Details of the equipment used are given in the inherent sections.

3.3.4 Three-point bending test results

Several measurements and observations were made using the monitoring system
described above. The parameters observed provided information on the stiffness,
resistance mechanism, and interaction between the precast [-beam and the cast-in-
place slab. For a better presentation of the results, these were differentiated into
three-point bending tests, four-point bending tests, and the box girder test. The
most representative data are reported and discussed below. Dashed curves indicate
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unreliable measurements due to unforeseen technical issues. The diagrams were
obtained in relation to the load transferred by an actuator; therefore, the total load
can be obtained by multiplying this value by four. It is worth noting that the total
action present on the beam must include the weight of the loading frame
(estimated to be 11.82 kN per actuator) and the dead load of the specimen. The
B3-P47/46, B8-P47/46, B4-P47/46, and B9-P47/46 girder, were subjected to static
loading at rates 1.7, 3.0, 2.7, and 1.8 kN/min, respectively. All recordings are
listed in Appendix D for each girder.

Figure 27 illustrates the load-deflection curves obtained from the midspan
measurement point. Each beam exhibited a consistent trend characterized by two
distinct slopes. Initially, during the early loading stages, the load-deflection curve
followed a linear trend, emphasizing the elastic behavior of the tested beams. As
the load approached the cracking point, the deflection increased due to a reduction
in stiffness. During the first loading phase, the B9-P47/46 girder showed a lower
flexural stiffness, which can be attributed to the removal of the top slab. At the
end of the first loading cycle, the internal damage induced to the beams led to a
residual deflection of approximately 12 mm after unloading. In the subsequent
loading cycle, the presence of prestressing exhibited a beneficial effect, as no
evident signs of stiffness reduction were observed. During the second loading
cycle, the crack propagation phase continued until failure. The B3-P47/46
specimen reached its maximum capacity before collapsing under a load of 78.2
kN, which is associated to an applied bending moment of 1438.9 kNm. The
maximum applied loads for B8-P47/46 was 81.1 kN, corresponding to a bending
moment of 1492.2 kNm. The B4-P47/46 specimen was loaded up to failure
occurred at 71.4 kN, corresponding to a bending moment of 1313.8 kNm. The B9-
P47/46 PC beam collapsed after reaching a maximum load of 64.6 kN,
corresponding to a bending moment of 1188.6 kNm. At the ultimate load, B3-
P47/46, B8-P47/46, B4-P47/46, and B9-P47/46 exhibited maximum midspan
deflections of 167 mm, 150 mm, 135 mm, and 145 mm respectively. The curve of
the B3-P47/46 beam shows a load reduction at 75 kN related to a holding time
required for the visual inspection phase of the cracking pattern. The drop recorded
in the response of the B4-P47/46 beam at 72 kN can be associated with a first
crushing of the cast-in-place slab.
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Figure 27: Load-midspan deflection curves: (a) B3-P47/46, (b) B8-P47/46, (c) B4-
P47/46, (d) B9-P47/46 girder.

All girders collapsed in a non-ductile mode with a bending failure mechanism
due to concrete crushing in the top compression zone. In all four tests, crushing of
the slab occurred near the loading system rather than in the region of maximum
bending moment, probably due to the confining effect of the transverse steel
beams. Indeed, a diagonal crack initiated in the highly compressed zone, starting
from the lower flange of the same steel beam, as illustrated in Figure 28.

(b)
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(d)

Figure 28: Detail of the failure zone: (a) B3-P47/46, (b) B8-P47/46, (c) B4-P47/46,
(d) B9-P47/46 girder.

The distribution of the crack pattern after failure is shown in Figure 29.
Looking at the mapping of the composite specimens, it can be seen a similar
distribution characterized by diagonal cracks due to the influence of shear.
Referring to the B8-P47/46 girder, the higher load achieved during the load test
resulted in wider crack distribution compared to other beams. For B9-P47/46
girder, the loss of the positive contribution given by the cast-in-place slab
anticipates failure without involving the shear resistance. Therefore, mainly
vertical cracks are visible near the midspan.

7 W NN .

(a)

(d)

Figure 29: Crack pattern after failure: (a) B3-P47/46, (b) B8-P47/46, (c) B4-P47/46,
(d) B9-P47/46 girder.

During the loading process, the average strains on the concrete in the midspan
zone and along the shear spans were taken as representative of the resistance
mechanism. The load-tensile strain curves are shown in Figure 30. For clearness,
only recordings referred to the minimum cracking load for each beam have been
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reported. To highlight the change in slope of the curves, it has been considered the
first loading cycle up to 35 kN. Each curve shows a linear relationship between
the load and strains before cracking. At a load of 22.7 kN, the B3-P47/46 girder
cracked, with a strain of 100 pe. Similarly, at a load of 17.7 kN, the B8-P47/46
girder cracked, with a strain of 77.2 pe. The B4-P47/46 girder cracked as the load
reached 16.2 kN, with a strain of 175.9 pe. Lastly, the B9-P47/46 girder cracked
with a load of 18.7 kN, resulting in a strain of 194.6 pe.
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Figure 30: Load-tensile strain curves (cracking load): B3-P47/46, B8-P47/46, B4-
P47/46, and B9-P47/46 girder.

Considering that the failure mechanism of all the girders was attributed to the
crushing of the top compressive concrete, the measurement of concrete strain in
the compression zone becomes a valuable source of information regarding the
structural response of the girders under ultimate load conditions. Therefore, the
maximum strains recorded at the top slab for girders B3-P46/47 and B8-P46/47,
and at the top flange for B9-P46/47 girder, are shown in Figure 31. The concrete
strain in the top slab of the composite cross sections was significantly greater than
that of the I-beam under the ultimate load. The maximum compressive strain
reached for B3-P46/47 was -4132 pe, while B8-P46/47 exhibited a maximum
strain of -4275 pe, and B9-P46/47 showed a maximum strain of -1716 pe. When
the loading process was close to the ultimate load, a flattening of the curve was
observed due to the sharp growth of vertical cracks and a rapid change of the
neutral axis. Abnormal behavior occurred with curve B8-P47/46, which was
characterized by constant strain with increasing load, likely due to locking of the
LVDT support frame.
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Figure 31: Load-compressive strain curves: B3-P47/46, B8-P47/46, and B9-P47/46
girder.

Another important parameter recorded during the load tests with double
loading cycles was the decompression load. During reloading, the cracks remain
closed due to the prestressing force and only tensile strains are recorded. Once the
applied load is sufficient to reopen the cracks, it is no longer transmitted through
the cracks and a sharp change in slope is observed. The load corresponding to the
loss of the primary strain rate was taken as the decompression load. Figure 32
shows the load-strain curves for the girders loaded in two phases. Since the strain
was related to the measurement base of the LVDTs support, it should be
considered as the average strain due to crack opening and the concrete strain
between cracks. The change in slope for B3-P47/46 occurred at 11.8 kN, for BS8-
P47/46 at 12.5 kN, and for B9-P47/46 at 14.8 kN.
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Figure 32: Load-tensile strain curves (decompression load): B3-P47/46, B8-P47/46,
and B9-P47/46 girder.

To understand the interaction between shear and bending in the resistance
mechanism, Figure 33 shows the average tensile strains recorded by the LVDTs
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along the shear span. As an example, the measurements of the composite BS8-
P47/46 girder were compared with those of the precast B9-P47/46 girder during
the second and the whole loading phases, respectively. The color of the curves
refers to the position of the LVDTs. Instead, dashed lines were used to distinguish
the left shear span from the right one. In both cases, a decrease in strain can be
seen in the transition from the midspan to the support zone. Furthermore, a slight
similarity can be seen by comparing the recordings of the left side (dashed lines)
with the corresponding ones on the right (solid lines). As expected, when
approaching the maximum load, different resistance mechanisms were activated
in the two types of resistant sections. Diagonal cracks were found at about 40 kN
in both cases. However, the shear strains of B9-P47/46 were significantly lower
than that of the composite section near the ultimate load, which was also
confirmed by the cracking pattern shown in Figure 29.
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Figure 33: Load-shear strain curves: (a) B8-P47/46, (b) B9-P47/46 girder.

Table 4 summarizes the most important parameters resulting only from
applied loads. In order to obtain values comparable to the results of the four-point
bending test, all parameters were related to the bending moment value. In
addition, the inherent LVDT positions were adopted for the cracking (M) and
decompression (Mg) bending moment.

Table 4: Outcomes of the three-point bending tests.

Mcr Md Mu

Beam [kNm] [kNm] [kNm]

B3-P47/46  376.8 1959 1438.9
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B8-P47/46  322.1 2275 1492.2

B4-P47/46  281.9 - 1313.8

B9-P47/46 3179 251.6 1188.6

If the bending moment of 217.5 kNm due to the weight of the load system and
the bending moment of 342.3 kNm due to the self-weight under testing conditions
are added to the lowest bending capacity of the composite I-beams, the total
bending moment in the critical section is 1873.6 kNm. Thus, it provides a margin
of approximately 2.3 times the design load capacity of 823.9 kNm.

3.3.4 Four-point bending test results

In order to determine the bearing capacity under flexural-shear loading, the shear
span was reduced from 9.2 m to 6.5 m for each pair of actuators (see schemes in
Appendix C). Based on experience from the previous three-point bending tests,
none of the girders completely collapsed, as the tests were stopped for safety
reasons when signs of crushing on the top compression fiber appeared. The load-
deflection curves obtained from the four-point bending tests are reported in Figure
34. The diagrams show that the loading process can be divided into three stages:
the elastic stage prior to cracking, the cracking stage, and the failure stage. In the
first stage, the girders exhibit a linear behavior before cracking. As the applied
load increases, concrete cracking in the pure bending region increases and the
position of the neutral axis shifts upward. A trend almost parallel to the initial
stage occurs during the reloading phase. Due to a more gradual rise of the neutral
axis over the cross section in the cracked state, the change in slope when the
cracks reopen is smoother than that at the cracking point. The transition from the
elastic to the cracked stage of the load-midspan deflection curve for the B5-
P47/46 girder was not abrupt as extensive damage was induced in the midspan
region prior to the load test. The load-deflection diagram also indicates that the
overall stiffness was significantly affected by the induced damage. The B7-P47/46
girder failed at an ultimate load of 120.1 kN, corresponding to a bending moment
of 1561.3 kNm. The B6-Ab/P47 girder failed at an ultimate load of 126.5 kN,
corresponding to a bending moment of 1644.5 kNm. The B6-P48/49 girder
achieved a maximum load of 105.6 kN with an inherent bending moment of
1372.8 kNm. The B10-Ab/P47 girder failed at an ultimate load of 124.0 kN and
subsequent bending moment of 1612.0 kNm. The B5-P47/46 girder failed at an
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ultimate load of 72.4 kN and inherent bending moment of 941.2 kNm. The
vertical midspan displacement of the above girders at the ultimate load were 179.9

mm, 191.3 mm, 184.3 mm, 205.5 mm, and 163.4 mm, respectively.
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Figure 34: Load-midspan deflection curves: (a) B7-P47/46, (b) B6-Ab/P47, (c) B6-
P48/49, (d) B10-Ab/P47, (¢) B5-P47/46 girder.
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Since the B6-Ab/P47 girder had the highest ultimate load, it was used as a
benchmark to compare the strength of the damaged girders. Girder B6-P48/49,
which had strands cut in the midspan equal to a 23.5% reduction in strands in the
lower flange, showed a 16.5% decrease in strength. Girder B5-P47/46, which had
eight strands cut, equivalent to a 47.1% reduction in strands in the bottom flange,
showed a 42.8% reduction in strength. However, no significant changes were
recorded for B10-Ab/P47 girder, indicating a negligible effect of wire cutting
outside the pure bending region on flexural behavior. The total bending capacity
of the most damaged girder, including the bending moment due to the weight of
the load system of 153.7 kNm and the bending moment due to the self-weight of
342.3 kNm under testing conditions, was 1437.2 kNm. This provides a margin of
approximately 1.7 times the design load capacity of 823.9 kNm, despite the 47.1%
reduction in strands at midspan.

Each girder exhibited failure similar to the three-point flexural test,
characterized by the compressive failure of the cast-in-place concrete slab, but
with different crack patterns. This type of failure occurred in all beams in the
region between the two loads except for B6-Ab/P47 girder that failed near a load
point (Fig. 35).
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(e)

Figure 35: Detail of the failure zone: (a) B7-P47/46, (b) B6-Ab/P47, (c) B6-P48/49,
(d) B10-Ab/P47, (e) B5-P47/46 girder.

The crack patterns of the girders after load tests are shown in Figure 36. Two
distinct patterns can be evidenced among the girders. Cracks formed outside the
constant moment region extended diagonally from the bottom to the top flange for
girders without strand cuts at midspan. Only a few cracks were detected in the
pure bending region of the B7-P47/46 girder. Vertical cracks consistent with the
flexural regime were found in this region for girders with reduced resistance at
midspan.
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Figure 36: Crack pattern after failure: (a) B7-P47/46, (b) B6-Ab/P47, (¢c) B6-P48/49,
(d) B10-Ab/P47, (e) B5-P47/46 girder.

Figure 37 shows the load-tensile strain curves at the bottom edge of the tested
girders. For clarity, only recordings related to the minimum cracking load for each
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beam are reported. For B5-P47/46 girders, the curve was omitted as it was widely
damaged at midspan before the load test. However, all available data can be found
in Appendix D. To highlight the change in slope of the curves, it has been
considered the first loading cycle up to 35 kN. Each curve shows a linear
relationship between the load and strain before cracking. At a load of 15.0 kN, the
B7-P47/46 girder cracked, with a strain of 25.1 pe. Similarly, when the load
reached 25.5 kN, the B6-Ab/P47 girder cracked, showing a strain of 135.3 pe. At
a load of 17.2 kN, the B6-P48/49 girder cracked, yielding a strain of 57.5 pe.
Lastly, the B10-Ab/P47 girder cracked as the load reached 21.5 kN, with a strain
of 82.1 pe. After cracking, the non-linear phenomenon began, and the neutral axis
moved upward, causing a change in slope.
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Figure 37: Load-tensile strain curves (cracking load): B7-P47/46, B6-Ab/P47, B6-
P48/49, and B10-Ab/P47 girder.

Figure 38 depicts the compressive strain curves of the cast-in-place slab of the
tested beams. For girders without prior damage, a linear increase in concrete strain
is seen before the cracking. When the load exceeds the cracking point, the linear
increase disappears, and the strain increment is higher than the linear one.
However, only for the B7-P47/46 girder, the strain gauge was installed near the
crushing zone, and a compressive ultimate strain of -2242 ne was recorded. The
strain gauge for B6-Ab/P47, B6-P48/49, B10-Ab/P47, and B5-P47/46, was far
from the crushing zone. As a result, the maximum compressive strain recorded
was -1385 e, -1080 pe, -1675 pe, and -1290 ue, respectively.
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Figure 38: Load-compressive strain curves: B7-P47/46, B6-Ab/P47, B6-P48/49,
B10-Ab/P47, and B5-P47/46 girder.

The decompression load was determined by examining the load-tensile strain
curves during the reloading phase (Fig. 39). These curves typically exhibit a
bilinear response. In the first branch, the increase in load was accompanied by a
proportional decrease in precompression. The increase in the load applied in the
second branch is no longer accompanied by a proportional increase in strain, as
the load was no longer transferred across the cracks at the beam surface. The load
corresponding to the transition point was taken as the decompression load. The
strain rate for B7-P47/46 changed at 9.1 kN, for B6-Ab/P47 at 17.0 kN, for B6-
P48/49 at 15.6 kN, and for B10-Ab/P47 at 15.9 kN. The decompression load for
B5-P47/46 girder could not be determined due to pre-existing damage.
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Figure 39: Load-tensile strain curves (decompression load): B7-P47/46, B6-Ab/P47,
B6-P48/49, and B10-Ab/P47 girder.
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The following Figure 40 shows the strain distribution along the cross section
at various loads. According to the graphs, the cross section of the girders before
cracking basically conformed to the hypothesis of plane section at various load
levels. At this stage, the ratio between the height of the compressive zone and the
effective height of B6-Ab/P47, B6-P48/49, B10-Ab/P47, and B5-P47/46 girder
was about 0.46, 0.52, 0.62, and 0.49, respectively. When cracking occurred, the
neutral axis shifted up the cross section and the strain distributions become non-
linear. When the applied load reached the ultimate value, the ratio decreased to
0.30, 0.27, 0.24, and 0.23, respectively.
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Figure 40: Cross-section strain (recorded by sg1, C-01, C-02, C-03, and T-01): (a)
B6-Ab/P47, (b) B6-P48/49, (c) B10-Ab/P47, (d) B5-P47/46 girder.

As examples of shear behavior in an undamaged girder and a girder with
induced damaged, Figure 41 shows the diagonal strains recorded for B7-P47/46
and B6-P48/49 girder. The color of the curve indicates the location of the LVDT.
Instead, a dotted line is used for B6-P48/49 plot to differentiate between left shear
span (dashed lines) and right shear span (solid lines). When the girders were
loaded to 60 kN, diagonal cracks become visible in the web between the load
points and the supports. However, when the maximum load was approached,
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different resistance mechanisms were activated in the two girders. The shear
strains of B6-P48/49 were significantly lower than that of the undamaged girder
due to the lower shear stress. In both cases, major shear cracking was observed
near the loading points. As expected, the four-point bending setup involved higher
levels of shear strain than the previous three-point bending test.
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Figure 41: Load-shear strain curves: (a) B7-P47/46, (b) B6-P48/49 girder.

Table 5 shows the main parameters obtained from the applied loads alone. As
previously stated, to obtain the actual value of actions applied to the girders, the
self-weight and the weight of the loading system must be taken into account.

Table 5: Outcomes of the four-point bending tests.

Mcr Md Mu

Beam [kNm] [kNm] [kNm]

B7-P47/46 195.0 118.3 1561.3

B6-Ab/P47 331.5 221.0 16445

B6-P48/49 223.6  202.8 13728

B10-Ab/P47 279.5 206.7 1612.0

B5-P47/46 - - 941.2




3.3 Full-scale load tests 73

3.3.5 Four-point bending test of PC box girder

Durgin the loading test of the box girder, a preventive regularization of the top
surface was carried out using a diamond blade to mitigate potential undesirable
torsional loads due to the presence of the curb (Fig. 42).

Figure 42: Working phases of curb cutting.

In the following, only the most significative data for the representation of the
structural response are presented. Additional recordings are provided in Appendix
D. Figure 43 shows the load-midspan deflection diagram during the three loading
phases. It can be seen the elastic stage, cracks initiation and propagation stage,
and the failure point. During reloading cycles, a branch almost parallel to the
initial stage shows the beneficial effects of the prestress reinforcements. However,
residual displacements of 3.6 mm and 8.1 mm highlight the residual damages
during the first and the second cycle, respectively. Also in this case, the presence
of over-reinforcement led to the crushing of the compressed concrete in the top
slab. The maximum failure load, observed for the box girder was equal to 241.5
kN, corresponding to a bending moment of 3139.5 kNm. The deflection at the
ultimate load was 155.4 mm. The bending capacity of the box girders resulted
about two times that of the I-girders. This agrees well with the assumption on the
original design to assume a box girder the double of the I-girder for the purpose of
distributing the load on the deck. Therefore, by adding the bending moment of
217.5 kNm from the weight of the load system and the bending moment of 652.7
kNm from the self-weight in testing conditions, the total bending moment in the
critical section resulted 3792.2 kNm. Thus, it provides a margin of approximately
2.3 times the design load capacity of 1638.7 kNm.
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Figure 43: Load-midspan deflection curve of Bx2-Ab/P47 girder.

The PC box girder failed due to concrete crushing of the top slab between the

two loading points (Fig. 44a). After the load test, the crack pattern of the girder
was characterized by diagonal cracks along the shear span (Fig. 44b). No visible
cracks were present in the constant moment region, highlighting the weakness of

the cast-in-place slab compared to the precast I-girder.

7

L RN

Figure 44: Cracks after the load test: (a) detail of the failure zone, (b) cracks pattern.

Figure 45 shows the tensile strain measured at the bottom edge by two parallel
LVDTs: T-03 installed on the inner side, and T-04 installed on the most exposed
side of the in-service configuration. To highlight the strain rate variation, the first
loading cycle up to 130 kN has been reported. The T-04 LVDT experienced a
variation at 55.1 kN, highlighting the opening of the first crack with a strain of
149.0 pe. At the same load, a slight variation was recorded also for the T-03
LVDT. However, due to the low strain recorded on this side, it was possible that

cracks opened earlier on the T-04 side.
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Figure 45: Load-tensile strain curves (cracking load) of Bx2-Ab/P47 girder.

Figure 46 depicts the compressive strain curves obtained from the strain
gauge installed on the cast-in-place slab and the corresponding LVDT on the top
flange of the girder. A linear increase in concrete strain is observed before
cracking occurs. In the cracking phase, the linear increase disappears, and the
strain rate is higher than linear. However, it can be appreciated the higher
increment in the upper slab compared to the precast girder. At the ultimate load,
strains of -1129 pe, and -661 pe was recorded on the cast-in-place slab and top
flange, respectively.
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Figure 46: Load-compressive strain curves of Bx2-Ab/P47 girder.

The decompression load was determined from the load-tensile strain curve of
the T-04 LVDT, during the reloading phase (Fig. 47). The first and second
loading cycles up to 180 kN were reported to visualize the bilinear response at the

crack opening. The load corresponding to the transition point was found at 26.0
kN.
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Figure 47: Load-tensile strain curves (decompression load) of Bx2-Ab/P47 girder.

Due to the different exposure and consequent conservation state of the two
surfaces on both sides, a difference in the resistant mechanism could be found
during the load test. Therefore, in Figure 48 the strain distribution along the cross
sections on both sides was compared. According to the graphs, the instrumented
cross sections before cracking show a plane section deformation at multiple load
levels. At this stage, the ratio between the height of the compressive zone and the
effective height of the inner side (Fig. 48a) and the exposed side (Fig.48b) of the
girder were about 0.63, and 0.52, respectively. When cracking occurred, the
neutral axis shifted upwards in the cross section and the strain distributions
become non-linear. When the applied load reached the ultimate value, the ratio
decreased to 0.40, and 0.28, respectively. Therefore, higher strains were recorded
on the most exposed side.
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Figure 48: Cross-section strain of Bx2-Ab/P47 girder: (a) inner side, (b) exposed side.
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Figure 49 shows the recordings from the strain gauge on the steel strands.
This graph shows the strain resulting from the applied load; it does not include the
inherent prestressing strains, self-weight strains, and strains caused by the weight
of the loading system. During the first unloading, a trend parallel to the linear
branch is maintained. After the second load cycle, the strain value became

negative at zero applied load. This could be attributed to local slip of the strand
after cracking.
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Figure 49: Load-strand strain.

Finally, a comparison was also made among the shear strains. Figure 50
shows two LVDTs on the inner side (dashed line) and their correspondent on the
opposite side (solid line). In general, diagonal cracks opened at 150 kN except for
SH-05B which experienced a first opening at 125 kN. However, a good
correspondence was found among the shear strains of the two opposite sides.
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Figure 50: Load-shear strain curves of Bx2-Ab/P47 girder.
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3.4 Material tests

Resistance models used for the structural assessment can be defined by data
collected from NDT, semi-destructive or destructive tests, as well as monitoring
of the structural behavior, or at initial level of assessment from design drawings,
and national codes. Intermediate assessment can be carried out using resistance
models calibrated with NDT or semi-destructive test data, while advanced
assessment requires probabilistic models that take into account statistical variation
of parameters. In general, mechanical properties determined by material testing of
specimens provide the most reliable assessment at the current age of the structure.
However, destructive tests are relatively expensive and time-consuming, and often
only a limited number of test data are available. Determining overall structural
capacity from a few measurements is not a suitable approach because the material
properties of old structures may be affected by different degrees of deterioration
depending on the location being analysed. Therefore, indirect measurements using
NDT or semi-destructive methods often provide a basis for a reliable assessment,
identifying homogeneous areas in terms of concrete properties and minimizing the
number of samples required.

Following the preliminary assessment described in Section 3.2, rebound
hammer tests were carried out to characterize the concrete without disruption of
the surfaces. After completion of the loading tests, an extensive destructive test
campaign was planned to evaluate the quality of the concrete and steel by direct
methods. A detailed plan was developed to consider the type, number and location
of tests. The location of the specimens was chosen to be in areas of minimum
stress experienced during the loading tests, where there were no observable signs
of damage. As the top slab was produced using continuous casting, it was
assumed that samples extracted from this area belonged statistically and
qualitatively to the same concrete population. As a result, a smaller number of
samples were collected in comparison to the I-girders. However, for practical
application, it should be extracted a larger number of samples from the cast-in-
place slab when compared to the I-girders. This is because the latter are
manufactured under controlled conditions, resulting in reduced variability in the
concrete quality. At the same time, since the ordinary reinforcement was not
intended for load-bearing purposes in the original design, only a restricted number
of samples were collected. Obviously, as the choice on test sites led to values that
are more or less representative of the whole population, in the case of existing
structures, this choice is based on the objective of the investigation.
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3.4.1 Rebound hammer test

The rebound hammer (RH) test is a NDT test that consists of causing the impact
of a standardized mass against the surface of the material being tested. After
impact, the known initial kinetic energy is partially absorbed by the concrete and
the remainder returns to the mass, which moves of a distance proportional to the
remaining available energy. Rebound is related to the compressive strength of the
concrete surface, as it is greater the higher the surface hardness or density of the
concrete. This measure is expressed as a percentage of the rebound height over the
distance travelled by the moving mass between the moment it is released and the
moment it hits the concrete surface. This percentage is called the rebound index R.
Similar to other NDT tests, this technique has inherent limitations. In particular,
there is an inherent uncertainty because the rebound index is affected by a number
of factors, such as surface moisture, carbonation, surface texture, age, and
aggregate type [21]. In order to mitigate the influence of some of the causes
affecting the measurement results, it is necessary to carry out several test
measurements at the same test area, at a sufficient distance from each other. The
RH tests on the concrete surface were carried out according to the European
standard (EN 12504-2) [22], avoiding the reinforcement effect, high porosity, and
significant irregularities. The RH tests were carried out on all elements after the
surface had been properly smoothed with an abrasive stone. For each element, the
rebound index was measured in three test areas at 1/6, 1/2, and 5/6 of the span
length. In order to obtain values representative of the average conditions of the
concrete, without the influence of variations in compaction due to the direction of
pouring, measurements were taken in the centre of the web. At each location,
readings were taken at 16 grid points spaced 5 cm apart. The maximum and
minimum values were then eliminated from each set of local readings and the
representative rebound index for each grid was calculated as the mean of the
remaining 14 values. The test area was defined by assuming concrete
homogeneity in each of them. Therefore, the mean (R) and the standard deviation
(s) were considered representative of the concrete strength population in a test
area, including the accuracy of the measurement and the material variability. In
addition, the coefficient of variation (CoV) was also calculated to compare the
level of data dispersion at different scales, considering the test region, individual
girders, and grouped elements. Table 6 shows the parameters obtained when each
test region is considered as an independent population.
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Table 6: Statistical parameters of the rebound index for each test region.

Beam Region R s CoV [%]
1 42.9 1.9 4.44
B3-P47/46 2 42.6 1.7 4.04
3 38.4 1.2 3.07
1 42.5 2.1 4.93
B8-P47/46 2 41.4 1.2 2.84
3 42.8 2.2 5.16
1 394 1.1 2.66
B4-P47/46 2 38.3 1.0 2.69
3 39.0 1.2 3.06
1 41.9 23 5.56
B9-P47/46 2 40.5 1.6 4.04
3 40.4 2.7 6.66
1 47.1 1.4 2.98
B7-P47/46 2 45.9 1.8 3.94
3 40.5 2.0 4.92
1 43.6 1.8 4.04
B6-Ab/P47

2 42.4 3.0 6.94
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3 40.4 24 5.89
1 47.6 1.5 3.15
B6-P48/49 2 45.6 2.2 4.73
3 45.0 2.1 4.60
1 46.5 2.0 4.36
B10-Ab/P47 2 43.8 1.8 4.16
3 42.2 1.5 3.60
1 34.5 1.9 5.56
BS-P47/46 2 36.0 1.2 3.32
3 37.1 1.6 4.18
1 41.7 1.6 3.78
Bx2-Ab/P47 2 42.5 23 5.32
3 41.1 1.6 3.95

The mean values of the rebound index obtained along the girders showed a very
small scatter, with the exception of B6-P48/49 which had a maximum difference
of 6.6 units between the maximum and minimum values. Furthermore, similar
variability was found in each test region with low CoV, ranging from 2.66 to
6.94%. Table 7 shows the results obtained by considering each girder as a

homogeneous region.
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Table 7: Statistical parameters of the rebound index for each girder.

Beam R s CoV [%]
B3-P47/46 41.3 2.6 6.33
B8-P47/46 42.2 2.0 4.67
B4-P47/46 38.9 1.2 3.06
B9-P47/46 40.9 2.4 5.75
B7-P47/46 44.5 34 7.57
B6-Ab/P47 42.1 2.8 6.54
B6-P48/49 46.1 2.2 4.82

B10-Ab/P47 44.2 2.5 5.72
B5-P47/46 35.9 1.9 5.34
Bx2-Ab/P47 41.8 1.9 4.64

Each girder appeared to have relatively close characteristics in terms of mean,
standard deviation, and CoV. Only the B5-P47/46 girder had a slightly lower
rebound index than the others. Nevertheless, the CoV calculated based on the
average values of the rebound index and the standard deviation of the girders was
6.59%, resulting similar to the variability observed within each girder. This value
led to the assumption that all the girders were statistically homogeneous.
Assuming that all data belong to the same population, concrete properties can be
described by a unique distribution. Therefore, by ranking all the test results from
the lowest to the highest value, the following cumulative distribution function
(CDF) of the RH test results was obtained (Figure 51). The CDF shows that the
rebound index of all the girders ranges between 32 and 50 units with a median
value of 42.
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Figure 51: Cumulative distribution function of rebound hammer test results.

NDT tests could be used not only for qualitatively assessment of concrete
homogeneity but also for a quantitative assessment of strength. A considerable
amount of research has been devoted for decades to analysing the relationships
between NDT test results and estimates of concrete strength. An impressive
number of studies in literature have proposed a variety of conversion models that
correlate concrete properties and NDT measurements. However, the wide variety
of concrete compositions, the presence of influencing factors, and measurement
errors have led to a lack of accuracy when these models are used to predict
concrete strength in different contexts [23-24]. It is now widely accepted that an
efficient approach should relate the interpretation of these measurements to
reliable and representative test results provided by destructive testing. The use of
field tests does not eliminate the need for core sampling, but it can reduce the
number of cores required by providing a better understanding of the strength
variation in the structure and greater confidence that the cores taken reflect the
conditions being investigated. Thus, the real challenge is to reduce the number of
destructive tests and determine how many specimens can be considered sufficient
without compromising the quality of the assessment [25-27]. There are no
common rules for determining the relationship between the amount of NDT
information available after testing, the method of processing NDT results, and the
level of accuracy of concrete strength estimates [28]. Identifying the appropriate
conversion model is equivalent to minimizing the gap between the field test
results and the strength of the corresponding cores at selected locations. In
general, there are two main approaches for determining model parameters:
employing statistical regression to fit a specific model or calibrating a prior
model. It should be emphasised that the identification of the conversion model
through a prior model is more robust compared to a specific fitted model when
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there is a limited number of cores, and the range of strengths is the same.
Conversely, specific models exhibit greater efficiency when there is a larger
number of cores available for statistical regression. The European standard EN
13791, in both its 2007 [29] and 2019 [30] versions, provided a procedure for the
evaluation of in-situ concrete strength from NDT measurements. The main
changes in the improved version (EN 13791-2019) relate to the adoption of
conditional coring to select the sampling position, the reduction of the number of
cores from 18 to 8 when an indirect test method is used, and the adoption of only
linear regression of a specific model as the method for identifying the conversion
model. Two approaches are provided for assessing the in-situ compressive
strength by combining NDT and core results, namely the indirect test method with
calibration and without calibration. Furthermore, it provides an approach to
estimate the characteristic in-situ compressive strength when direct testing method
is used. Moreover, a recent RILEM publication [31] proposed a guideline for the
improvement of the in-situ compressive strength assessment introducing a target
accuracy consistent with predefined objectives.

In order to establish a correlation model between the rebound index and
concrete compressive strength of cores, a total of 8 conditioned cores were taken
from the same locations as the RH tests. The test areas were distributed over 4
girders, with 2 locations examined on each girder. For proper evaluation, cores
should have been taken to cover the full range of rebound index values (region 1
of B5-P47/46 and region 1 of B6-P47/48) as this may increase the range of
strength variation covered by the regression. However, due to the schedule of the
research project, it was necessary to collect the cores in a progressive order. All
the results obtained during the destructive testing campaign are detailed in the
next section. Compression tests were carried out in accordance with EN 12390-3
[32] and EN 12504-1 [33] procedures. All the extracted cores had a length to
diameter ratio (L/dn) of approximately 2.0. Table 8 summarizes the results of the
compression test on cores taken from the region where both the RH test and the
compression test were carried out.

Table 8: NDT and compression strength test results at core locations.

Beam  Region R CI‘;;"" dw [mm] L [mm] f,[MPa]

B3-P47/46 1 429 T3 4 74.3 150.2 35.2
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3 384 T3 2 74.3 150.9 28.9

1 425 T8 1 74.3 151.9 29.5
B8-P47/46

2 414 T8 3 74.3 150.3 27.7

1 394 T4 4 74.4 151.7 25.8
B4-P47/46

3 39.0 T4 2 74.4 151.6 24.0

1 419 T9 3 74.4 152.1 34.8
B9-P47/46

3 404 T9 2 74.3 151.6 32.5

The calibration was performed according to the recommendations of the
European standard EN 13791:2019 [30] and RILEM TC249-ISC [31]. The
comparison of the rebound indices (R) and the strength values (f:) did not show
any clear non-linearity and therefore a linear model was defined to fit the eight
pairs of values:

fe=a+b-R @Y

where a and b represent the model parameters to be identified. In order to
minimize the residual between the estimated (f;es ;) and measured strengths (fc:),
regression analysis based on the least-square criterion was used:

n

SSE = Zn:(fa- ~feest)) = ) 2 2

i=1

where SSE represents the sum of squared errors e; between the observations and
the regression line on # test points. By minimizing the SSE, the slope coefficient
and the intercept can be expressed as:

_ Ny Rifei — Xici Ri i foi
nyt, R — (L, R)?

0= i fe — bR
n

b

(3)

(4)
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The accuracy of the model was evaluated using the root mean square error

(RMSE) as an indicator:

n 2
RMSE = Z (fci - fc,esti)
n
i=1

)

The conversion model was identified from the eight pairs of strengths and

rebound indices, which led to:

feest = —35.9+ 1.61R

(6)

The calculated value of the fitting error was RMSE; = 2.8 MPa. The
conversion model and the experimental results are plotted in Figure 52.
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Figure 52: Core data and conversion model identified with the least-square criterion.

Due to the limited number of conditioned cores, it was not possible to validate
the model on new data. Therefore, the leave-one-out cross-validation [34] was
performed by splitting a single data and obtaining a conservative estimate of the
model performance. A total of eight models were identified, each consisting of
seven strength and rebound index pairs. The additional pairs removed from the

original set, allowed for testing the model on new data. The eight differences
between measured and estimated strengths resulted in an average prediction error
of RMSEpr.a = 8.4 MPa, which corresponds to the accuracy for estimating each
local strength from the rebound indices. This value was significantly higher than
the fitting error. However, it is important to mention that the regression models
developed for cross-validation were based on a number of points lower than those
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proposed to achieve good accuracy. Ali-Benyahia et al. [35] investigated the
effect of the number of cores on the model accuracy. The results showed that from
9 cores, RMSE stabilizes around 3 MPa. Similarly, Boussahoua et al. [26] found
that beyond 9 cores, the prediction errors stabilize around 6.5 MPa. Therefore, due
to the limited number of conditioned cores, it is not possible to determine whether
increasing the number of cores will reduce the error.

Once the conversion model was identified, the compressive strength was
calculated at each location where NDT test results were available. The model was
used only within the range of values used for fitting, avoiding any process of
extrapolation in accordance with RILEM recommendations. This resulted in
mean, standard deviation, and CoV values of 30.6 MPa, 2.2 MPa, and 7.04%
respectively. The results obtained are summarised in Table 9.

Table 9: NDT results and compressive strength estimation based on NDT
results.

Beam Region R Jfeest [MPa]

1 42.9 333
B3-P47/46 2 42.6 32.8

3 38.4 26.0

1 42.5 32.6
B8-P47/46 2 41.4 30.9

3 42.8 33.1

1 39.4 27.6
B4-P47/46

3 39.0 27.0

B9-P47/46 1 41.9 31.7
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2 40.5 29.4

3 40.4 29.3
B7-P47/46 3 40.5 294

2 42.4 32.5
B6-Ab/P47

3 40.4 29.3
B10-Ab/P47 3 42.2 32.2

1 41.7 31.4
Bx2-Ab/P47 2 42.5 32.6

3 41.1 304

3.4.2 Uniaxial concrete compressive tests

The most reliable determination of in-situ compressive strength is achieved by
destructive testing. The destructive method consists of taking core samples from
structural members to be used in laboratory tests. The drilling, core preparation,
and compressive strength tests were carried out in accordance with the European
standards EN 12390-3 [32] and EN 12504-1 [33]. In order to determine the
mechanical properties of the concrete in the girders, two independent laboratories,
belonging to the Politecnico di Torino and the Politecnico di Milano, carried out
tests on concrete samples taken from the specimens after the loading tests. Cores
were taken from the structural members, avoiding cracked areas, highly stressed
sections, and reinforcements. Furthermore, cores were also drilled both
perpendicular and parallel to the longitudinal axis of the members (Fig. 53).
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Figure 53: Concrete coring.

After drilling, the extracted cores were marked with the indication of their
specimen number and location. In the core ID, the first letter refers to the
laboratory (“T” for Politecnico di Torino and “M” for Politecnico di Milano).
Cores drilled from the cast-in-place slab were marked with the letter “s”. Prior to
compression testing, each core was rectified by cutting off the ends. As the
preliminary NDT showed that the concrete in different sections was of similar
composition and quality, random sampling was carried out over the entire girders.
A total of 23 concrete core samples were taken for the I-girders and 6 for the
concrete slab. The cores subjected to compression testing were of different
diameters and lengths (the ratio of length to diameter varied from 1 to 2). In order
to homogenize the dimensional parameters, the strength values obtained were
converted to the equivalent in-situ cylindrical strength. In addition, when
comparing the strength of concrete cores and properly cast specimens, the effect
of the disturbance caused by the mechanical action of sampling should be taken
into account. Therefore, the corrected strengths (f.co) were also obtained by
multiplying the core strengths by the disturbance coefficient given in the
“Guidelines for the evaluation of the characteristics of concrete in-situ” issued by
the Italian Superior Council of Public Works [21]. The results of the uniaxial
compression test for cylindrical specimens, including the densities, are shown in
Table 10.
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Table 10: Compression strength test results.

dn L Density fe E Se,corr
Beam CI(;;'e L/dm
[mm] [mm] [kg/m3’] [MPa] [MPa] [MPa]
M3 1 74.0 152.0 2.05 2306.8 30.5 - 32.7
M3 2 74.0 154.0 2.08 2340.2 242 - 26.2
M3 3 74.0 152.0 2.05 2319.0 29.8 - 31.6
B3 M3 4 143.0 150.0 1.05 2270.6 233 - 25.2
P47/46
T3 2 74.3 1509 2.03 2344.8 28.9 21634.0  30.8
T3 3 74.3 151.6  2.04 2268.7 34.0 19198.0 355
T3 4 74.3 1502  2.02 2250.1 35.2 22637.0  36.6
T3 1(s) 743 151.1  2.03 2186.1 27.5 14573.0 294
M8 1 94.0 103.0 1.10 23335 30.9 - 32.6
M8 2 94.0 94.0 1.00 2325.5 32.7 - 343
MS 3 94.0 95.0 1.01 2311.6 224 - 24.3
M8 4 94.0 94.0 1.00 2386.8 38.0 - 38.6
B3- M8 5 143.0 1500 1.05 2302.1 29.6 314
P47/46 - ’ ’ ) ) ) ) )
M8 6 74.0 150.0 2.03 2346.8 38.1 - 38.7

T8 1 743 1519 2.04 23172 295  24291.0 313

T8 2 74.3 1509  2.03 2328.5 264  25062.0 284

T8 3 74.3 1503  2.02 23135 277 21062.0  29.6
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T8 4 743 1521 2.05 22818 31.6 17920.0 333

T8 1(s) 742 1342 1.8l 2222.7 25.1 18166.0  27.1

T4 2 74.3 150.5  2.03 2277.6 24.0  25571.0 26.0

T4 3 742 1505 2.03 23044 222 242730 24.1

B4- -
P47/46

~ 744 1517  2.04 22884 258  23509.0 27.8

T4 1(s) 743 1506 2.03 21002 255 140660 27.4

T9O 1 743 1516 2.04 23512 346 234410 360

T9 2 743 1517 2.04 23745 325 285430 34.1

2o T9 3 744 1521 2.04 2291.8 348  20489.0  36.2
P47/46

T9 1(s) 1055 211.6 2.01 2297.1 250 254834 270

T9 2(s) 1119 2193 196  2168.1 248  23303.1 26.8

T9 3(s) 1117 2148 192 22644 246 177610  26.6

Assuming that the whole group of elements was made of the same quality of
concrete, i.e. a single strength class, the average compressive strength of the I-
girders was 31.5 MPa with a standard deviation of 4.4 MPa and a CoV of 13.86%.
The same values for the cast-in-place slab were 27.4 MPa, 0.9 MPa and 3.42%.
The mean compressive strength of cylindrical specimens taken from the I-girders
was 15.6% higher than the original design strength and 32.5% lower than the
values given in the material certificates, tested at the time of bridge construction.
At the same time, the mean compressive strength of core specimens taken from
the slab was 22.8% lower than the strength given in the material certificates. In
general, the failure mode of the core specimens was typical and met the
requirements of the EN 12390-3 standard [32] (Fig. 54).
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Figure 54: Typical failure mode of core specimens.

As the information correlated with mechanical properties is representative of
local regions and may be subject to significant uncertainty, it should be
considered as a characteristic value or with probabilistic models. According to EN
13791 standard [30], the characteristic in-situ compressive strength can be
determined as:
fc,m(n)ls kn S) (7)

fex = min (
¢ fc,is,lowest + M

where f.mmis 18 the mean in-situ compressive strength, fc isiowes: 1S the lowest in-
situ compressive strength, &, is a coefficient which depends on the number of test
results (1.75 for test equal to 23), s is the standard deviation, and M is the value of
margin (4 for fcisowest = 20 MPa). Therefore, the critical condition for determining
the characteristic in-situ compressive strength is determined by the mean in-situ
compressive strength, resulting in a characteristic value of 23.9 MPa, which is
11.3% lower than the compressive strength assumed in the design drawings. The
mean value of the elastic modulus for the I-girder was 22894.6 MPa with a
standard deviation of 2738.7 MPa and a CoV of 11.96%. The same values for the
cast-in-place slab were 18892.1 MPa, 4216.1 MPa and 22.32%. Based on the
experimentally obtained concrete compressive strengths and the calculated mean
value, the concrete modulus of elasticity was also determined empirically by using
the following equations taken from different international codes:
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~ Fom 0.3
E.,, = 22000 (1—0) (EN 1992 — 1 — 1)[18] (8)
E. = 4700 /fom (ACI 318 — 14)[36] (9)
E. = 0.043w}>(f'.)%> (AASHTO — LRFD)[37] (10)

where w. is the density (2314.6 and 2206.4 kg/m?® for the I-girder and slab,
respectively). The elastic modulus estimated by the above equations resulted
higher than 26.3, 13.3, and 14.9% of the experimental value for the I-girder, and
higher than 36.5, 23.2, and 19.0% for the slab. However, none of the previous
equations takes into account other relevant factors that influence the value of the
elastic modulus, such as the aggregate properties. Therefore, the Comité Euro-
International du Beton-Fédération Internationale de la Précontrainte (CEB-FIP)
Model Code [38], introduced the empirical coefficient e to take into account the
used aggregate:

1/3
E. = 21500ag (];C—gl) (MC2010)[38] (11)
where «. is 0.7 for sandstone aggregates. Substituting the average compressive
strengths obtained for the I-girders and the slab, the modulus of elasticity was
22061.8 MPa and 21059.8 MPa respectively. An accurate estimate was obtained
for the precast concrete, but an overestimate of 10.3% was obtained for the slab,
probably related to the higher variance found in the experimental data.

3.4.3 Tensile splitting strength test

To determine the tensile strength of the concrete, additional 15 cores were drilled
and tested using the tensile splitting strength tests according to the EN 12390-6
standard [39]. The test consists of applying a compressive force to two plane
plates which transfer the load along the length of the specimen through narrow
strips. The resulting orthogonal tensile force causes the specimens to fail in
tension (Fig. 55). All the preliminary procedures relating to surface rectification
and specimens marking were also carried out.
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5

Figure 55: Tensile splitting strength test.

Table 11 summarizes the main results obtained from the tensile splitting
strength tests. Assuming that the whole group of elements was composed by the
same quality of concrete, i.e. a single strength class, the average tensile strength of
the I-girders was 3.5 MPa with a standard deviation of 0.5 MPa and a CoV of
15%. The same values for the cast-in-place slab were 2.4 MPa, 0.6 MPa and 25%,
respectively.

Table 11: Tensile splitting strength test results.

dm L Density  fe
Beam CI‘;)“’ L/dm
[mm] [mm] [kg/m?] [MPa]

M3 1 74.0  150.0 2.0 2294.1 3.7

M3 2 74.0  149.0 2.0 2356.3 3.6

M3 3 74.0 150.0 2.0 2303.4 3.0

B3-P47/46 M3 4  143.0 169.0 1.2 2306.4 3.2

M3 1(s) 74.0 155.0 2.1 2277.1 1.8

M3 2(s) 740 780 1.1 22446 3.0

T1 1 94.10 1525 1.6 2270.7 3.4
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M8 1 94.0 103.0 1.1 2386.7 2.7

M8 2 143.0 173.0 1.2 2350.2 4.0

B8-P47/46

M8 3 94.0 110.0 1.2 2316.0 2.7

T8 4 74.4  200.4 2.7 2312.8 3.2

M4 1 94.0 98.0 1.04 23379 3.8

B4-P47/46 M4 2 94.0 95.0 1.01 2381.4 3.6

T4 5 743 1694 2.3 2261.8 4.0

B9-P47/46 T9 4 74.3 159.6 2.1 2290.0 4.6

Based on the concrete compressive strengths obtained experimentally and the
corresponding mean value, the concrete tensile strength was also determined
empirically by using the following equations:

foo =03 (£)?/3 (EN 1992 — 1 — 1)[36] and (MC2010)[39] (12)

foe = 0.55 (f.n) /2 (ACI 318 — 14)[37] and (AASHTO — LRFD)[38] (13)

The tensile strength estimated by the above equations resulted lower than 17.0,
and 13.4% of the experimental value for the I-girder, and higher than 12.0, and
16.6% for the slab.

3.4.4 Reinforcing steel tensile tests

After the full-scale load tests, samples of strands and rebars were carefully
removed from the end of the girders where stresses remained in the elastic range
during the tests. A total of ten rebars, 8§ mm in diameter and 500 mm long, were
collected for tensile testing. In addition, nineteen strands, 12.5 mm in diameter
and 1200 mm long were collected to characterize the mechanical properties of the
prestressing steel. Complete stress-strain curves were measured under uniaxial
tension using a computer-controlled Walter+bai ag (LFSV-600) testing machine.
The load, crosshead displacement, and strains were recorded digitally during the
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test using an interactive computer program, which also programmed and
controlled the test procedure in accordance with ISO 6892-1 standard [40]. The
gage length of the rebars was 100 mm and that of the strands was 600 mm. Figure
56 shows two typical tensile test results obtained for rebars and strands

respectively.
1800 1800 —
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2L 800 = 500 | [t
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(a) (b)

Figure 56: Typical stress-strain diagrams for: (a) rebar, (b) strand.

The dashed lines show the deviations from proportionality of 0.2% for the
rebar and 0.1% for the strand used to determine the yield stress f02 and fpo.1
respectively. The vertical dashed lines refer to the elongation at maximum load
Ag. As expected, a lower ductility was found for the prestressing steel, with also a
less pronounced transition from the elastic to the plastic phase. The mechanical
properties of the steel reinforcements are summarized in Table 12, where the
strains are referred to the gage lengths detailed above, and the stresses are related
to the nominal cross-sections. In the last column a note has been reported if
strands presented evident signs due to demolition operations.

Table 12: Uniaxial tensile test results.

D Ay Jro2(fp01) E Age S
Beam Sa;rll)ple Dam.
[mm] [mm?] [MPa] [GPa] [%] [MPa]
R3 1 8 50.3 487.1 393.3 10.0 728.7 -
B3 p3o g 503 4693 3933 117 715.6
P47/46 - : ' : : : ]
S3 1 12.5 93 1624.8 190.2 3.6 1776.1 No
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S3 2 12.5 93 1574.4 207.2 1.6 1687.5 Yes
S4 1 12.5 93 1557.0 1945 24 17693 No
S4 2 12.5 93 1540.9 185.1 44 1781.7 No
B4 S4 3 12.5 93 1532.3 272.1 1.4 16979  Yes
P47/46
S4 4 12.5 93 1519.4 215.0 25 1745.6 No
S4 5 12.5 93 1528.0 2000 24 17385 No
S4 6 12.5 93 1539.8 202.1 1.1 16452  Yes
S9 1 12.5 93 1604.3 197.8 3.9 18625 No
S9 2 12.5 93 1447.3 193.6 54 1731.6 No
RO S9 3 12.5 93 1607.5 2026 24 18283 No
P47/46
S9 4 12.5 93 1451.6 2154 3.0 1688.0 No
S9 5 12.5 93 1492.5 207.1 1.0 16452  Yes
S9 6 12.5 93 1439.8 190.1 3.6  1700.6 No
R7 1 8 50.3 469.5 212.1  11.0  734.0 -
R7 2 8 50.3 447.6 1193 103 6425 -
B7 R7 3 8 50.3 411.8 88.2 113  636.8 -
P47/46
R7 4 8 50.3 413.8 117.1 114  635.0 -
R7 5 8 50.3 465.5 2125 109 7375 -

R7 6 8 50.3 447.6 149.2 109 690.4 -
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R7_7 8 50.3 423.8 1483 11.1 6393 -

R7_8 8 50.3 453.6 185.1 11.2  691.6 -

S7 1 12.5 93 1594.6 2066 44 1839.2 No
S7 2 12.5 93 1554.8 205.1 54  1864.6 No
S7 3 12.5 93 1546.2 203.6 23  1811.7 No
S7 4 12.5 93 1550.5 211.0 34 1830.2 No
S7°5 12.5 93 1569.9 206.5 43  1836.1 No

Samples that appeared to have been affected by evident signs of the
demolition process were discarded to ensure that the results were as representative
as possible of the actual mechanical properties. Therefore, the mean, standard
deviation, and CoV of the yield strength f,,0.> of steel rebar were 449.0 MPa, 24.2
MPa, and 5.4%, respectively. The same values for the ultimate strength f; resulted
in 685.1 MPa, 41.0 MPa, and 6.0%. For the elastic modulus, it was obtained an
average value of 201.8 GPa with a standard deviation of 103.1 GPa and
consequent CoV of 51.1%. The elastic modulus measurements showed a high
variability compared to the other mechanical properties. A possible reason could
be related to the potential deformation induced during the demolition process.
This factor, combined with varying degrees of corrosion, could have affected the
elastic phase of the samples in different ways. Based on the strand specimens, the
mean, standard deviation, and CoV of the yield strength f,0.; were 1542.4 MPa,
56.2 MPa, and 3.6% respectively. The same values for the tensile strength f; were
1786.9 MPa, 44.3 MPa, and 3.1% respectively. The mean value of the elastic
modulus £ was 201.1 GPa with a standard deviation of 8.9 GPa and a CoV of
4.42%. The elongation at rupture showed a mean value of 3.6% with a standard
deviation of 1.0% and a CoV of 29.0%. The results indicated that the mechanical
properties of the strands were similar for all specimens except for the elongation
at rupture which showed a higher variability. Due to the good conditions of the
prestressing reinforcement, an explanation could be related to the possible
influence induced by the demolition operations.
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Chapter 4

Assessment of prestress loss in 50-
year-old PC bridge girders

4.1 Introduction

Prestressing is a widely employed technique in the construction industry aimed at
enhancing the behavioral characteristics and performance of reinforced concrete
structures, mitigating the risk of potential cracking and augmenting their overall
strength, durability, and efficiency under live loads. Nevertheless, the
effectiveness of the applied prestress decreases over time due to various time-
dependent phenomena. The estimation of prestress losses is of paramount
importance in the design process as it aids to ensure that the stresses occurring in
the girder under service loads will not exceed the prescribed limits of concrete
tensile stress and prevent the occurrence of excessive deflections. Conversely,
overestimation of prestress losses can lead to inadequate camber, causing cracks
in the top fiber and resulting in an uneconomical design. Accurate prediction of
prestress losses requires accurate prediction of the long-term properties of the
concrete and prestressing strands, which is a very complex process due to the
interdependent factors involved such as concrete creep and shrinkage, relaxation
in prestressing steel, degradation processes, and environmental parameters.
Relaxation is affected by the shortening of the prestressing reinforcement due to
concrete creep and shrinkage. The phenomenon of concrete creep, in turn, is
constantly altered due to stress variations associated with the prestressing
reinforcement. Furthermore, concrete creep and shrinkage are partially restrained
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by the prestressing. Therefore, errors in predicting long-term losses may be due to
the inaccuracy of long-term material models, inaccuracy of material properties,
and simplification of the analysis method. For bridge in-service, knowledge of the
residual prestress is critical to assess durability, quantify remaining service life,
and implement retrofitting measures. The potential cracking induced by prestress
loss not only reduces section stiffness and increases bridge deflection, but also
accelerates the concrete deterioration and corrosion of the prestressing
reinforcement. These result in a reduction of both serviceability and ultimate
capacity. To assess the safety of existing PC structures, it is necessary to
determine the level of the prestressing present in their structural components.
Assessing the stress state of in-service PC structures is a rather difficult task and
engineers are often faced with a lack of actual design information and
environmental conditions.

Several analytical models for prestress loss prediction have been proposed in
design codes and technical documents from around the world. These can be
classified into three classes according to their level of refinement: the one-step
method, the refined calculation method, and the incremental time-step method. In
the one-step calculation method, all factors considered in relation to the prestress
losses, including concrete creep, concrete shrinkage, and relaxation of prestressing
reinforcement, are included in a prediction expression, such as the equation
described in the EC2 [1]. In the refined calculation method, the prestress losses
due to concrete creep, concrete shrinkage, and prestressing steel relaxation are
calculated separately and then summed to determine the total losses. This method
is used for the estimation of time-dependent losses, such as in AASHTO-LRFD
[2] and ACI 318 [3]. For the time-step methods, to account for the continuous
interactions between long-term effects with time, the loading time of the structure
is divided into a set of discrete time intervals and the prestress level is estimated at
each time interval.

A series of experimental studies have been carried out to measure prestress
losses in PC girders and compare them with design code estimates. The studies
include several laboratory tests on old girders removed from existing bridges, and
experimental research involving the fabrication, testing, and field monitoring of
PC specimens. Shenoy and Frantz [4] tested two 27-year-old PC box beams. The
measured prestress losses were half those predicted by the current PCI method
using actual material properties. Similarly, Azizinamini et al. [5] evaluated the
prestress loss on a 25-year-old PC I-girder. Comparison with the current PCI and
AASHTO (1989) specifications showed that the maximum overestimation of the
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predicted values was 27.6%. Halsey & Miller [6] found a good agreement
between prestress loss measured on two 40-year-old PC beams and AASHTO
(1989) Code estimates. Pessiki et al. [7] conducted an experimental study to
determine effective prestress force in two PC beams that were removed from a
bridge after 28 years in-service. Measured prestress loss resulted in approximately
60% of the loss predicted according to AASHTO (1992) specifications. In Labia
et al. [8], two 20-year-old PC box girders were removed from an existing bridge
and tested. Losses were calculated using methods in the ACI, AASHTO (1992),
and PCI specifications. However, all the predicted losses were lower than the
measured loss, with a maximum difference of 43.6%. A possible cause was
attributed to the underestimation of creep and shrinkage loss in analytical models.
The National Cooperative Highway Research Program (NCHRP) [9] measured
prestress losses in seven instrumented girders collected from four different states
in the USA. The measured prestress losses were compared with prestress losses
estimated using refined AASHTO LRFD-98 and PCI specifications. All
prediction methods were applied using the specified concrete strength and
corresponding estimated material properties. The measured long-term prestress
losses were modified to reflect the losses at time infinity rather than those
obtained at 385 to 490 days. Both methods provided conservative estimates of the
prestress loss, with an average overestimate of 3.2% for the PCI method and
34.5% for the AASHTO specifications. Kukay et al. [10] monitored the behavior
of four PC girders for almost one year since the time of casting. The measured
prestress losses were compared with those calculated using the AASHTO LRFD-
04 specifications and the method proposed by NCHRP [9]. Overall trends
indicated that the predicted losses with actual compressive strengths were 10%
un-conservative than the field values. Kukay et al. [11] presented research results
on the testing of eight PC girders that had been in service for 40 years. On
average, the AASHTO LRFD-04 and 07 detailed methods overestimated the
measured prestress force by 12%. Osborn et al. [12] evaluated the prestress loss in
five PC bridge girders that had been in service for 42 years. The measured
effective prestress was compared with calculated values according to the
AASHTO LRFD-09 specifications. The AASHTO refined method provided the
most accurate results, being 10% higher than the average measured prestress
force. Caro et al. [13] analyzed the changes in prestress losses for PC prismatic
specimens over a period of one year from casting. Experimental prestress losses
due to elastic shortening, creep, and shrinkage were compared with theoretical
values derived from different code methods. The prestress loss due to elastic
shortening did not show significant variation across the different methods. The
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most accurate prediction for the total prestress loss aligned with AASHTO LRFD-
12, although it overestimated the creep loss and underestimated the elastic
shortening. The Model Code 2010 and EC2 methods effectively predicted
prestress losses due to concrete creep but underestimated the predicted loss
resulting from concrete shrinkage. Garber et al. [14] investigated the influence of
different concrete materials and construction techniques on prestress loss. To this
end, 30 full-scale PC girders were constructed and instrumented with a monitoring
system embedded in the specimens. To investigate the accuracy of the prestress
loss estimation methods, the measured short and long-term prestress losses for
each specimen were compared with those determined using the methods
suggested by ACI Committee 423. Both the refined and incremental time step
AASHTO LRFD-12 methods provided the most accurate prestress loss with
overestimates of 32.9% and 22.5% respectively. Garber et al. [15] built an
experimental database of 27 research studies (published between 1970 and 2013)
to investigate different short- and long-term loss estimation methods. The use of
the approximate and time-step methods according to AASHTO LRFD-12 gave the
most accurate results, with conservative estimates on average 13.0% and 11.5%
higher than the measured prestress loss. Guo et al. [16] investigated the long-term
prestress losses in post-tensioned concrete beams by casting eight post-tensioned
concrete beams and monitoring them for more than one year. The measured time-
varying prestress losses were compared with the predicted values using different
prediction models, finding the greater prediction accuracy for the NCHRP
method. Ye et al. [17] presented a monitoring campaign aimed at determining the
early-age prestress loss of four PC beams of a newly constructed railway bridge.
Prestress loss predictions were calculated using European and American standards
and then compared with measured values. It was found that code predictions of
prestress loss using measured material properties gave reasonable agreement with
the field measurement, with a slight underestimation for early-age prestress losses
and almost negligible two to three years after beam casting. The time-step
methods provided a better prediction of prestress loss evolution over time
compared to the simplified method.

As observed, the predictions based on the design codes, although quite
satisfactory, have generally exceeded the measured prestress loss. To obtain the
best results from analytical methods, it is necessary to know the environmental
and loading conditions to which the girder has been subjected over time, as well
as the time-dependent phenomena. Nevertheless, the generation of scientifically
and systematically collected data on the current level of prestressing in existing
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bridges represents the most reliable method for reducing the level of uncertainty
in the determination of long-term performance. Thus, reliable and non-destructive
diagnostic techniques are required to determine the residual value of the
prestressing force for in-service structures. Currently, many possible methods
have been proposed by researchers over the years for the in-situ assessment of the
effective prestress force. These methods can be classified according to their
impact on the investigated construction as either destructive or non-destructive.
As destructive approaches inevitably cause damage which affect the structural
integrity, they are not suitable for application to in-service bridges, but can only
be useful for experimental activities. Of these methods, cracking test,
decompression load, and strand-cutting methods are techniques that have been
more traditionally used to directly determine the residual prestress force. In the
present work, non-destructive methods are considered techniques that produce
negligible impact on the structure and can be properly repaired. Non-destructive
testing has always been an important issue and a promising field to get the in-
service residual prestress force, and research is currently ongoing. Azizinamini et
al. [5] developed a non-destructive method consisting of studying the stress state
around a pre-cracked drilled hole and determining the side pressure required to
close the crack. However, the relationship between the applied pressure and the
unknown stress in the lower flange of the beam is based on a factor determined by
numerical simulation and is strictly dependent on the case study. Civjan et al. [18]
proposed a prototype instrument for estimating stress levels in exposed
prestressed strands by applying a lateral force and measuring the resulting
displacement. Owens [19] proposed the concrete stress relief core method for
determining residual prestress by tacking out a concrete core and measuring the
elastic stress relief using electrical strain gauges installed near the hole boundary.
Kesavan et al. [20] improved the stress-relief core method by fixing waterproof
strain gages in the center of the intended core, aligned in the direction of
maximum stress. A cumbersome procedure was required for connecting and
disconnecting the strain gages, as the lead wires could not be kept connected to
the instrument during core drilling. Zhong et al. [21] proposed a method to
monitor the stress release process using ultrasonic waves. It is based on the
estimation of the acoustoelastic coefficient, which expresses the relationship
between ultrasonic wave velocities and stress levels in materials. However, all the
above methods have the drawback of requiring calibration data covering the
specific conditions and technology. Another experimental method widely studied
in the literature is the determination of prestress losses taking into account the
natural frequencies of the structures. Nevertheless, the influence of prestressing on
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the dynamics of PC girders is still under discussion. In this context, significant
experimental studies have been carried out to investigate the influence of the
prestressing force value on the natural frequency of the prestressed member,
without any definitive evidence to emphasize this behavior. Whilst some
references in the literature state that the prestressing force has no effect on the
vibration frequencies, other experimental tests show an increase in the natural
frequencies as the value of the prestressing increases. The application of higher
level of prestressing resulted in a decrease in the frequency of vibration. [22-25].
In addition, the relevance of the dynamic properties changes also depends on
many other aspects that sometimes produce counterbalancing effects, making it
difficult to identify a clear relationship between the dynamic properties and the
level of prestressing. As a result, the use of natural frequencies as an appropriate
parameter for determining prestress loss is uncertain. Additional techniques have
also been used to determine the prestress loss over time by instrumenting the
internal tendons of PC girders using load cells, elasto-magnetic (EM) sensors or
strain sensors. Caro et al. [13] carried out an experimental study to evaluate the
prestress loss in prestressed concrete prismatic specimens over a period of one
year after casting. The force supported by the prestressing reinforcement was
measured directly using a hollow force transducer. EM sensing is a non-contact
measurement method based on the principle of the inherent magnetic-elastic effect
in the ferromagnetic material. The calibration of the results is carried out in the
laboratory between tensile force and magnetic permeability. Chen and Zhang [26]
investigated the application of EM sensing in bonded tendons to determine the
possible influence of plastic duct and cement grout on the measurement results.
Since these are non-metallic materials, they have no influence on the
measurement results of the EM sensor. In practice, of the abovementioned
techniques, strain-based methods by embedding vibrating wire strain gauges
(VWG) in concrete have been used extensively in field applications as a reference
[11, 14, 27-28]. However, as they provide local measurements, recent studies have
replaced VWGs with fiber-optic sensors. Webb et al. [29] used fiber-optic cables
to study creep and shrinkage in 30 m long prestressed bridge girders. However,
the cables were found to be highly susceptible to breakage during casting,
transport and installation of the beams. After the beams were cast, it was found
that half of the total number of fiber-optic cables originally installed remained
intact; after transport and erection on site, this figure had fallen to just under a
third, and 314 days after installation, only 14% of the cables provided readings.
On the other hand, Jaber and Glisic [30] used long-gauge fiber optic sensor to
monitor prestress loss in a post-tensioned pedestrian bridge. Reliable results were
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collected over a three-year period starting after post-tensioning. Ye et al. [17] used
fiber optic arrays to monitor early-age concrete behavior for a newly constructed
railway bridge. Close agreement was found between design code predictions and
field measurements within three years after beam casting. Furthermore, in order to
ensure the full composite action between the reinforcement and the fiber optic
sensor as well as the proper functioning of the sensor, Kim et al. [31] developed a
new strand by replacing the steel core of the normal PC strand with a carbon-
fiber-reinforced polymer containing an optical fiber sensor embedded in the inner
center. The developed smart strand was then used to measure the variation of
prestressing force distribution during tensioning and anchoring of actual post-
tensioned girder bridges [32]. However, it is important to note that strain-based
methods are unable to detect prestress loss due to strand relaxation, as this
phenomenon results in a loss of stress without a corresponding change in strain. In
addition, because the methods used to monitor prestress loss over time require the
sensors to be embedded at the time of casting, their applicability is limited to new
structures.

Consequently, an optimal technique for in-situ quantification of residual
prestressing forces, for the purpose of practical engineering implementation,
should be based on mechanical models. Since the implementation of these
techniques does not require calibration data covering the specific conditions, they
can be directly applied to different configurations without prior laboratory
calibration. To this end, Bonopera and Chang [33] proposed an analytical model
for determining the residual prestressing force in simply supported PC girders.
The model is based on the compression-softening theory and consists in defining
the magnification factor between the analytical and measured vertical deflection
due to an applied vertical load. However, it is not directly applicable to the on-site
evaluation of residual prestressing due to the need to perform a load test. A
promising technique has been proposed by Kukay et al. [34], called the “saw-cut
method”. This approach is based on observing the change in strain in the area
where the stress is relieved by sawing. The applied saw-cuts across the entire
bottom flange and isolates a block on the tensile face of the prestressed beam. The
reduction in stress in the block should then be related to the effective prestress
remaining in the beam. Several tests were carried out to achieve near-zero strain
by varying the depth, width and length of two parallel cuts, and it was found that
the most important parameter was the depth of cuts. A comparison between non-
destructive and destructive tests showed that the non-destructive test was more
conservative than their destructive counterparts. On average, the residual prestress
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force obtained from the non-destructive test was 94% of that obtained from the
destructive tests. More recently, Bagge et al. [35] and Kralovanec et al. [36]
analyzed the prestress loss in a 55-year-old and 62-year-old post-tensioned
bridges, respectively. In both studies, the saw-cut method was supported by
numerical simulation. Since full isolation of the concrete block was not possible
due to the small concrete cover, the stress relief was calculated by comparing the
results of the saw-cut test and the stress relief of the numerical simulation.

Overall, the thorough literature review identified two significant research gaps
in the field of prestress losses in aging PC bridges. These gaps pertain to the need
for practical techniques to acquire valuable prestress loss data and the lack of
systematic field studies focused on the measurement of prestress loss in aging PC
bridges. As a result, the current state of knowledge concerning the progression of
prestress loss in existing bridges after a significant period of service is limited.
Therefore, the 50-year-old girders that were the subject of this thesis, provided an
excellent opportunity to evaluate the long-term loss of prestress after 50 years of
service life. To achieve this objective, this part of the research aims to optimize
the saw-cut method and extend its applicability to in-service structures. The
results of the non-destructive tests have been compared with those obtained from
well-established destructive methods. In addition, the reliability of numerical
models provided by current codes in estimating the residual prestressing of
structural members after 50 years of service has been evaluated. Moreover, this
study proposes an enhanced formulation of the one-step EC2 method, specifically
tailored to account for the staged construction of composite PC girders and cast-
in-place slabs. The experimental findings of this research are expected to provide
valuable insights for highway authorities responsible for managing infrastructure
networks. The knowledge gained from this study will contribute to a deeper
understanding of prestress loss in aging bridges, thus enabling better-informed
decision regarding the maintenance and performance enhancement of such critical
infrastructure elements.

4.2 Experimental program for prestress loss assessment

The calculation of service loading, shear capacity and cracking loads in PC beams
are all affected by the assumed loss of prestressing force. Therefore, an accurate
evaluation of the long-term prestressing loss is essential for the overall structural
health and performance of PC girders. To this end, a suitable experimental
program was designed to determine the effective prestressing force after 50 years
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of service through both destructive and non-destructive testing. The experimental
program included a systematic evaluation of prestress losses, carried out in three
distinct phases. In the first phase, the cracking load and the decompression load
were determined during the full-scale load tests. The second phase of the
assessment consisted in the application of the saw-cut method. Finally, in the third
phase, the strand-cutting method was applied to the same location as in the second
phase of assessment. A description of each of these methods and a comparison of
their results is given below. The experimental program is expected to extend the
current knowledge of the non-destructive saw-cut method and its wider
application to the quantification of the residual prestress of in-service bridge
structures.

4.2.1 Residual prestress from cracking load test

The cracking test was carried out on the prestressed girders to determine the
available compressive stress in the bottom flange and hence the effective
prestressing force in the strands. This is a destructive test in which the girder is
subjected to a load sufficient to induce a flexural crack. At the moment of crack
initiation, the stress in the bottom fiber was equal to the concrete tensile strength.
Since the beam weight and the applied loads were known, the prestressing force at
this time could be calculated by imposing equilibrium at the bottom fiber:

Ocp + Ocg +0cq = fetm (14)

where o, is the stress due to the prestressing force, ou is the stress due to dead
load, and o, is the stress due to the applied load that caused the flexural crack.
The equation may be rewritten as follows:
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where N, is the effective prestressing force in the girder, My, is the bending
moment due to the dead load, M, is the bending moment due to the applied load,
Ag 1s the cross-sectional area, I, is the moment of inertia of the girder, e is the
eccentricity of the prestressing force, y, is the neutral axis position of the girder, y.
is the neutral axis position of the composite section, /. is the moment of inertia of
the composite section, and fe 1S the tensile strength of the concrete. In computing
the effective prestress, it was assumed that the entire dead load was carried by the
I-shaped girders. The applied load was carried by the entire composite section. It
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was assumed that all strands were subjected to the same effective prestressing
force, so this calculation gave an average loss in each strand. The calculated
strand stresses were modified by eliminating the bending contribution attributed to
the dead load. Several methods have been used in the literature to detect the first
crack opening, such as visual observation, strain gauges and LVDTs. However, in
order to standardize the assessment among the girders, the tensile strains recorded
by the LVDTs installed in the bottom flange during the load tests were used. To
avoid the influence of near cracks opening, the recordings from the LVDTs that
detected the crack initiation for the first time were used. Table 13 shows all the
parameters involved in Eq. 15. The modulus of elasticity of the concrete in the
precast girders B3-P47/46, B8-P47/46, B4-P47/46, and B9-P47/46, refers to the
average value estimated from the compressive tests. For the other girders, the
average compressive strength was estimated from the non-destructive tests (Table
9) and then the modulus of elasticity was calculated from Eq. 11. As B6-P48/49
had rebound indices outside the range of Eq. 6 and concrete strength could not be
derived, the modulus of elasticity was assumed to be the average of all the
compressive test results. The modulus of elasticity of the cast-in-place slab and
the steel reinforcement were assumed to be the average of the destructive test
results. Girder B5-P47/46 was excluded from this test as it was used to simulate
controlled damage prior to the loading test and was then extensively damaged at
midspan.

Table 13: Mechanical and geometric properties.

Ecm Ag I Ye Ic Ye

Beam ID [MPa]  [cm?] [mm¢] [mm] [mm?*] [mm]

B3-P47/46 211563 2438.5 2.326E+10 383.3 4.316E+10 521.4

B8-P47/46  22083.8 2427.4 2.312E+10 383.8 4.231E+10 517.9

B4-P47/46  24451.0 2403.0 2.281E+10 385.2 4.042E+10 509.6

B9-P47/46  24157.7 2405.8 2.285E+10 385.0 - -

B7-P47/46  21560.2 2433.5 2.320E+10 383.5 4.278E+10 519.9




114 Assessment of prestress loss in 50-year-old PC bridge girders

B6-Ab/P47  21920.8 24293 2314E+10 383.7 4.246E+10 518.5

B6-P48/49 229622 2417.8 2.300E+10 384.4 4.157E+10 514.7

B10-Ab/P47 22224.0 2425.8 2.310E+10 3839 4.219E+10 517.3

Bx2-Ab/P47 22054.0 4623.8 5.971E+10 388.5 9.529E+10 546.6

Since the effective prestressing force in Eq. 15 is directly influenced by the
concrete tensile strength, and the results of the tensile splitting tests were subject
to significant uncertainty, these were considered by taking into account the mean
and standard deviation of 3.5 and 0.5 MPa, respectively. Therefore, the
experimental results of the cracking load method have been summarized in Table
14, where opu-o,0pu, and opuicrepresent the effective prestressing stress
computed for a tensile strength of 3.0, 3.5, and 4.0 MPa, respectively.

Table 14: Input bending moments and effective prestressing stress estimated
by cracking load method.

Misw Mq Op,u—c Op,n Op,u+oc

BeamID \\Nm] [KNm] [MPa] [MPa] [MPa|

B3-P47/46 300.2 573.0 599.5 563.1  526.6

B8-P47/46 304.5 537.2 578.6 5424  506.2

B4-P47/46 302.9 487.6 5463  510.7  475.1

B9-P47/46 2232 518.8 646.7 611.0 5754

B7-P47/46 304.9 348.7 520.2 4839 4475

B6-Ab/P47 301.7 485.2 682.1 6459  609.7

B6-P48/49 301.7 377.3 556.1  520.1 484.2
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B10-Ab/P47  301.7 433.2 620.7 584.6 548.4

Bx2-Ab/P47  591.6 870.0 4243  385.0 3457

The findings presented in Table 14 reveal crucial insights regarding the
prestress of the girders, particularly when considering the mean value of concrete
tensile strength. The prestress at the bottom of the girders was observed to have a
mean value of 557.7 MPa, with a standard deviation of 72.4 MPa, and a CoV of
13.0%. Notably, the box girder exhibited a lower prestressing level compared to
the I-shaped girders. One remarkable observation from Table 14 is that a variation
in tensile strength of about 14.3%, equivalent to 0.5 MPa deviation from the mean
value, resulted in an average variation of approximately 6.0% in effective
prestress. This observation highlights the relatively moderate sensitivity of
prestress to changes in tensile strength.

Since cracks in small areas of the girder length can be induced by localized
higher stresses and/or lower concrete tensile strengths, they may not be
representative of the average response of the specimen. Therefore, the first
flexural cracking was also detected from the load-deflection response. The
evaluation based on the load-deflection measurements was indicative of the global
response of the specimen and was not influenced by the local variation in
specimen condition. According to the procedure proposed in [37], the load-
deflection data were discretized into displacement steps. The discretization
allowed to calculate the stiffness for each displacement step. By plotting the
flexural stiffness versus displacements, it can be seen that the flexural stiffness
varied within a well-defined band, indicating the uncracked flexural response.
When the concrete cracked, the flexural stiffness decreased and the point just
before the deviation was considered to be the end of the linear behavior. The
deflection corresponding to the first flexural cracking was used to determine the
flexural cracking load from the load-deflection response. An example of the
procedure is shown in Figure 57 for girder B3-P47/46.
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Figure 57: Load-deflection analysis: (a) identification of stiffness drop, (f)
determination of the cracking load.

In this procedure, the bending moment due to the applied load and the dead
load have been related to midspan. Table 15 summarizes the values of bending
moments adopted in Eq. 15 and the effective prestressing stress obtained for the
modified version of the cracking load method.

Table 15: Input bending moments and effective prestressing stress estimated
using the modified version of the cracking load method.

Beam ID [khlfls:rvnl [kl\;:n] Pl [MPa]  [MPa
B3-P47/46 305.0 600.6 628.8 592.3 555.9
B8-P47/46 305.0 542.7 583.9 547.7 511.6
B4-P47/46 305.0 543.0 598.3 562.7 527.1
B9-P47/46 225.7 549.1 685.7 650.1 6144
B7-P47/46 305.0 382.1 560.4 524.1 487.8
B6-Ab/P47 305.0 569.7 787.1 750.9 714.7
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B6-P48/49 305.0 458.1 656.8 620.8 584.9

B10-Ab/P47  305.0 470.6 669.1 633.0 596.8

Bx2-Ab/P47  593.3 866.2 4234  384.1 344.7

The observed increase in cracking load determined an increase in the
estimated effective prestress, giving a mean of 610.2 MPa, a standard deviation of
95.1 MPa, and a CoV of 15.6%. This method was preferable due to the reduced
subjectivity in determining the cracking load and the greater consistency between
the mechanical properties, considered as average values for the whole specimen,
and the cracking load estimated from the load-deflection curves. However, the
problem with using the cracking load method to estimate prestress losses is that it
is highly dependent on the value of the concrete tensile strength. Therefore, the
decompression load method was also used in the experimental campaign as a
more accurate method of measuring prestress loss.

4.2.2 Residual prestress from decompression load test

After cracks initiation during the first loading phase, the beams were unloaded
until the crack closed due to the prestressing contribution. Girder B4-P47/46 was
excluded from the decompression load test as it was subjected to monotonic
loading. During the reloading phase, the reopening of the crack at the bottom
surface was carefully monitored to determine the decompression load from the
load-strain curves. From a theoretical perspective, crack reopening occurs when
the compressive stress in the lower fibre of the beam is overcome by the effect of
the applied load and the stress at the crack location becomes zero. In such
condition, the sum of the flexural stress due to applied load, self-weight, and the
contribution given by the prestressed force at the location of the flexural crack is
zero. Based on the above discussion, the calculation of the effective prestressing
force in a prestressed girder can be determined using the following equation:

N, N,-e M M
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where M, is the bending moment due to the decompression load. Although similar
to the previous technique of using the cracking load to estimate prestress loss, this
approach has the advantage of not requiring knowledge of the concrete tensile
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strength and is therefore considered more reliable. By reloading the girders, the
load associated with the opening of the flexural crack was determined using the
same LVDTs as previously employed to detect the cracking load. For girder B6-
Ab/P47, the strain gauge readings were utilized in the cracking load method,
whereas the LVDT at position B-04T was considered in the decompression load
method. Figures 32 and 39 show the plot of the load-strain curves used to
determine the decompression load. At an applied load corresponding to the
decompression load, the load-strain curves show a drastic change in slope from
the initial linear branch corresponding to crack opening and a consequent
dramatic reduction in stiffness. Once the decompression load of each beam had
been determined, the effective prestress can be calculated directly being the
unique unknown. The results of the decompression load tests are summarized in
Table 16. In this test, also B4-P47/46 girder was excluded as it was tested with a
single monotonic loading phase.

Table 16: Input bending moments and effective prestressing stress estimated
by the decompression load method.

Beam ID [kNm| [KNm] [MPa]

B3-P47/46 300.2  392.1  603.7

B8-P47/46 3045 4426 6535

B9-P47/46 2232 4525  699.2

B7-P47/46 3049  272.0 5755

B6-Ab/P47 3049 3747  687.1

B6-P48/49 301.7 3565  666.8

B10-Ab/P47 301.7 3604 6694

Bx2-Ab/P47 591.6 491.7 4458
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The results shown in Table 16 indicate a residual prestress with a mean value
of 650.7 MPa, a standard deviation of 41.7 MPa, and a CoV of 6.4%. The mean
value of the prestressing stress was 14.3% and 6.2% higher than the mean value
obtained by the cracking load and modified cracking load methods, respectively.
A lower value of prestressing stress in the box girder was also confirmed by the
decompression load method. The reason for the discrepancy between the losses
obtained using the cracking load and the decompression load methods was
probably due to the value of concrete tensile strength assumed in the calculations
for the cracking load method. It can be seen that the percentage difference
between the modified cracking load method and the decompression load method
is within the range of variation of the concrete tensile strength, and therefore the
two methods can be assumed comparable.

4.2.3 Residual prestress from saw-cut method

For the non-destructive determination of the residual prestress, the saw-cut
method proposed by Kukay [34] was used in the present study to determine the
available prestress in the 50-year-old girders. Unlike the methods described
above, which require that a bridge must first be decommissioned, this approach
allows the residual prestress to be quantified directly on girders still in-service. In
the previously proposed method, the evolution of the longitudinal strain at the
surface as a concrete block is progressively isolated, depends on the depth of the
transverse saw-cuts on both sides of the strain measurement point. Therefore, if
the reinforcement is too close to the concrete surface, it is not possible to make
sufficiently deep saw-cuts and the concrete block cannot be fully isolated. As a
result, Bagge et al. [35] and Kralovanec et al. [36] adopted a revised form of the
saw-cut method supported by numerical simulation. Thus, by modelling the test
procedure with a FE analysis, an iterative procedure is performed to find the
residual prestressing force corresponding to the behavior observed during the
tests. However, in such an approach, the reliability of the results is highly
dependent on the accuracy of the simulated responses and a standardization of the
method is not possible. Furthermore, in order to simulate the test procedure, it was
necessary to isolate the concrete block progressively and correlate the increments
in saw-cut depth with the corresponding strain. This introduces further uncertainty
into the test results due to the depth measurements. For this purpose, an optimized
procedure has been proposed by performing the saw-cut test with inclined cuts
and isolating a triangular prism. In this way, the standardized block can be
completely isolated without the problem of intercepting the steel reinforcement
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and eliminating the dependence on the depth of cuts. The prestressing force can
then be calculated using the Navier formula, taking into account all the factors
that contributes to the strains at the point investigated:

&_I_Np-e My,

4, 1,

Yg = O¢ 17)
g

where y, is the distance to the neutral axis of the monitored surface, and o is the
longitudinal concrete stress at the surface, determined by the measured strain
relief &:.meas, using the Hooke’s law:

Oc = B¢ " Ecmeas (18)

Due to the variability of concrete mechanical properties, it should be
preferable to take samples close to the test point to estimate the local modulus of
elasticity. However, in the absence of this information, the average value
estimated for each girder during the material characterization experimental
campaign, as described in Section 4.2.1, was considered. The non-destructive
technique was carried out after the load test due to the research project scheduling.
After the load tests, the girders were positioned over the new jersey supports on
two or four points, depending on whether or not the failure load had completely
separated the girders into two rigid blocks. As the girders B3-P47/46, B4-P47/46,
and B9-P47/46 were completely crushed at midspan after the load tests, the actual
static scheme was taken into account by considering the positioning on new jersey
supports according to the following scheme:
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Figure 58: Static scheme for completely crushed girders.

For those girders that did not separate into two different blocks after the load
tests, the static scheme shown in Fig. 58 should be referred to the whole span. For
the girder B5-P47/46, the saw-cut method was carried out at midspan prior to the
load test. The test locations for the girders were selected to be distant from both
the failure zone and the anchorage zone, in order to ensure full active prestress.
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In the experimental tests, electromagnetic concrete cover measurements were
first used to determine the absence of stirrups near the surface to be investigated,
and then a smooth surface was prepared before installing a strain gauge. In the
proposed approach, it was not required to monitor the depth of the saw-cuts as full
stress relief was achieved in the isolated block. Therefore, linear foil strain gauges
with a measuring grid length of 20.0 mm were used to record the strain. The linear
foil strain gauges were installed at the centre of the axial distance between the
saw-cuts. Transversely, they were placed at the centre of the vertical edge of the
bottom flange. The tests were then carried out by making two vertical cuts 70.0
mm apart at an angle of 45° from the vertical surface. This resulted in a triangular
prism with a depth of 35.0 mm. Figure 59 shows the operational phases during the
saw-cut test.

Figure 59: Saw-cut test: (a) strain gauge setup, (b) left side cut, (c) right side cut, (d)
triangular prism shape.

Figure 60 shows the recorded strain relief data for girder B5-P47/46 at
midspan. The diagram exhibits a first branch, which spans approximately 50.0
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seconds, corresponding to the execution of the first cut. This was followed by a
steady state period of approximately 2.0 minutes to ensure that the relaxation
resulting from the first cut had stabilized. Full strain relief was then induced by
performing the second cut, which facilitated full isolation of the prismatic
specimen. Subsequently, a waiting period of approximately 100.0 seconds was
observed to ensure strain stabilization following the execution of the saw-cut
method.

gmeas. [usl

0 50 100 150 200 250 300 350
Time [s]

Figure 60: Strain relief measured for B5-P47/46 girder.

The parameters relating to the test configurations, the recorded strain values,
and the effective prestress calculated by excluding the contribution of the dead
load are summarized in Table 17. The distance z; refers to the location of the test
points from the end of the girders. In the case of a girder separated into two blocks
after the loading tests, the parameters denoted by a, b, and c, as illustrated in Fig.
58, allow differentiation between the distinct components.

Table 17: Effective prestressing stress obtained by the saw-cut method.

Beam a b c Zi €c,meas Cp Hop Sop
ID [em] [cm] [cm] [em] [ne] [MPa] [MPa] [MPa]

226.0 1463  379.8
335 651.5 345.0 435.6 55.8
746.5  309.6 4914

B3-
P47/46
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2335  246.6 690.9
127.5  584.0 137.5

B4-
PAT/AG 2945 2526 7169 7564  75.0
1455 899.0 345 2335 291.1 8615
303.5 3366 929.7
o, 1300 5700 1360
AT/ 613.5 3542 6662 7652 1172
118.0  913.0 540 3035 237.1  699.5
3000  189.9  638.8
. 500.0 88.8  423.7
parag 065 17800 1115 480.0  87.4
750.0  130.8  458.1
1350.0 136.8  435.5
3000 2646  815.6
o 600.0 283.6  686.7
Appgy 875 17510 11LS 687.1  8l.1
900.0  204.0  594.9
1650.0 2064  651.3
BS o5 17820 705 9775 1182 455
P47/46 ‘ ' ' ' ' '

In contrast to the aforementioned methodologies, the saw-cut method allowed
the estimation of the residual prestress along the length of the girders. A total of
17 tests were carried out on six girders, with distances from the end cross-section
ranging from 226.0 cm to 977.5 cm. The evaluation of the obtained results was
based on the actual number of active strands, as provided by the original
drawings. For instance, in the case of the B3-P47/46 girder, a noticeable deviation
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from proportionality between the measured strains and the estimated residual
prestress was observed. This difference can be primarily attributed to a reduction
of approximately 30% in the number of effective prestressing strands between the
points located at 746.5 cm and 226.0 cm along the length of the girder. Variations
were also identified between the same testing locations of a specimen, with the
exception of girder B7-P47/46, which exhibited consistent levels of prestress
across its inner points. In general, discrepancies within the same specimen, apart
from those inherent to the execution of the experimental test, could be related to
actual variations in prestress that occurred over time due to local effects. Overall,
the saw-cut method provided prestressing stress values comparable to those
obtained using the modified version of the cracking load method and the
decompression load method, resulting in an average value of 623.3 MPa, a
standard deviation of 157.5 MPa, and a CoV of 25.3%.

4.2.4 Residual prestress from strand-cutting method

As strand cutting is the most destructive technique, it was carried out at the end of
the experimental program. After the saw-cut test, some strands were exposed over
a short length at the same location as the saw-cut test. This location was well
beyond the transfer length and far from the failure zone so that the prestress at this
location would be fully active. The strand-cutting method is based on measuring
the change in strain as the strand is cut. The strain gauges were bonded to a single
wire and aligned along the wire axis. Care was taken to avoid damaging the strain
gauges by relaxing the strands during cutting. The strands were cut with a cutting
disc while data were collected simultaneously (Fig. 61).
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(©) (d)

Figure 61: Operative phases of strand-cutting method: (a) strand cleaning, (b)
bonding of strain gauges, (c) wire cutting, (d) strands cut.

Based on the measured change in strand strain and the average modulus of
elasticity estimated on the same strands collected after the strand-cutting method,
the effective prestress was determined using Hooke’s law:

0y = Ep " € meas (19)

where o is the prestressing stress, £, is the modulus of elasticity, and &, meas 1s the
recorded strain change. Finally, the calculated strand stresses were modified to
eliminate the bending contribution due to the dead load according to the static
scheme on new jersey supports. Thus, the recorded strain change, the parameters
used to account for the dead load contribution, and the estimated effective
prestress are reported in Table 18.

Table 18: Effective prestressing stress obtained by the strand-cutting method.

€p,meas Op Hop Sop

BeamID afcm] b[cm] c¢[cm] [1e] [MPa] [MPa] [MPa]

-2673.8  540.8
335 651.5 345.0
-2753.2  557.1
B3-P47/46 580.9 33.1
-3096.3  622.7

1120 5350 226.0

-3003.1  603.9
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-1681.2  320.6

-2509.1  487.3

B8-P47/46 955 1772.0 955  -2543.7  496.5 351.5 120.2

-1139.7  210.9
-1294.4 2419
-2584.2 5173

127.5 584.0 137.5
-2750.3  551.5

B4-P47/46 554.6 35.2

-2699.1  537.7

1455 899.0 345
-3071.2  611.8
-2680.7  537.5

130.0 570.0 136.0 -3415.8  686.2

B9-P47/46 -2889.2 5804 588.2 67.1
-3193.6  637.3
118.0 913.0 54.0
-2504.7 4994
-3524.4 6944

B7-P47/46  66.5 1780.0 111.5 -2346.8 4554 634.2 127.9

-3702.2  722.0
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-2386.7  454.0
-3811.2  741.7
-3811.2 7379
-2813.1  530.0
B5-P47/46 102.5 1782.0 70.5 559.6 29.7
-3108.2  589.3

The prestress values observed in each beam exhibited significant variability,
with a minimum value of 351.5 MPa and a maximum value of 634.2 MPa.
However, the residual prestress estimated for B8-P47/46 showed unreasonably
low values with a corresponding CoV of 34.2%. It is possible that the process of
removing concrete to expose the strand induced localized damages that can
impact the accuracy of the estimates obtained. Therefore, neglecting the
aforementioned values, the mean prestress for all girders was 590.8 MPa, while
the standard deviation and CoV were 84.7, and 14.3%, respectively. The value
obtained is comparable to the residual prestress estimated by the other methods,
being 12.1%, 3.8%, and 1.7% higher than the results obtained by the cracking
load method, the modified version of the cracking load method, and the saw-cut
method, respectively. The observed value shows a reduction of 2.6% when
compared to the result obtained by the decompression load method.

4.2.5 Comparison of experimental results on prestress loss

Based on the original design data, the strands were pretensioned to 95% of their
characteristic stress fymx corresponding to 1% strain. The characteristic stress
specified in the design drawings was 1474.4 MPa, corresponding to a maximum
jacking stress of 1400.8 MPa. The effective prestress at the infinite time was
calculated taking into account the contribution of elastic shortening, creep,
shrinkage, and strand relaxation, which gave a prestress reduction of 564.5 MPa.
The total losses were therefore 40.3% of the applied jacking stress, resulting in an
effective prestress of 836.3 MPa.

The total prestress losses that occurred between the fabrication of the girders
and the time of the experimental campaign were obtained as the difference
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between the initial tensioning stress and the effective prestress measured from the
aforementioned methods. Higher losses indicate smaller residual prestress forces
that result in a more conservative approach. A comparison of the experimental

results and the prestress loss provided by the design drawings has been presented
in Fig. 62.

80 -

= Cracking load
70 Mod. cracking load
60 Decompression load

Saw-cut method

tn
(=]

Strand-cutting method

=—Qriginal design

Prestress loss [%]
[~} 73] s !
S oS o

—
=]

[=]

o b ) o 9 " © !
. t-i\"& Qb‘,\.‘,b. A A = > ﬁ_}u \O\Q& o b:\\} \(;Sh
LR SR R SR

Figure 62: Percent loss of jacking stress from experimental tests.

Comparing the average effective prestress values obtained from the
experimental tests with the initial prestress, the total prestress loss ranged from
53.5% for the decompression method to 61.1% for the strand cutting method.
However, the modified version of the cracking load method, the decompression
load method and the saw-cut method gave consistent results for the loss range of
56.4, 53.5, and 55.5%, respectively. It should be noted that the strand cutting
technique is a direct measurement approach to assessing the residual prestress in a
strand. Therefore, a direct comparison with the prestress loss assessments
obtained by the other methods is not effective, since the latter refer to average
prestress values. In general, the experimental tests gave more conservative results
(i.e. higher prestress loss) than the analytical values specified in the original
design. The results shown in Fig. 62 indicate that the prestressing losses measured
by destructive testing are 2.9% more conservative than those measured by the
saw-cut method. The design values overestimated the residual prestress by 28.5%

and 31.3% compared to the average results obtained by the saw-cut method and
the destructive tests respectively.
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4.3 Analytical prediction of prestress loss

The research studies proposed in the literature have been related to the evaluation
of the current provisions for calculating prestressing losses in laboratory test
specimens, and relatively few have been related to girders retrieved from existing
bridge structures. Therefore, research is needed to evaluate the suitability of the
current code provisions for estimating prestress losses in full-scale structural
members subsequent to their exposure to real in-service conditions.

Over time, the level of prestress in a concrete member will vary due to the
influence of inherent concrete behavior mechanisms such as creep and shrinkage,
stress relaxation of the prestressing strands, and external factors such as deck
placement. As the concrete shrinks, the contraction of the prestressing steel results
in a consequent loss of tensile force. Consequently, the degree of creep exhibited
by the concrete is reduced compared to when it is subjected to constant
compression. In addition, as the concrete undergoes creep and shrinkage, the
prestressing strands exhibit a reduced degree of relaxation compared to when they
are stressed and held in a stretched state between two fixed points. Conversely,
the occurrence of stress gains is attributed to the elongation of the strand, typically
as a result of a positive bending moment induced by an external load and/or
differential shrinkage between the precast PC girder and the cast-in-place concrete
deck. In general, prestressing losses can be classified as instantaneous loss, which
includes elastic shortening, and long-term prestressing loss, which includes creep
and shrinkage of concrete and relaxation of steel. The magnitude of the elastic
shortening loss depends on the modulus of elasticity of the concrete. The
relaxation loss of steel depends on the nature of the prestressing strands and is
typically minimal for low-relaxation prestressing strands. The amount of
prestressing loss due to creep and shrinkage is related to the stiffness of the
aggregate used, the compressive strength of the concrete, the configuration and
dimensions of the PC elements, as well as the ambient temperature and relative
humidity. Due to the complexity resulting from the number of variables involved
and the modelling of the interaction between the shrinkage and creep of the
concrete, the relaxation of the prestressing strands, and the interaction between the
precast PC girder and the cast-in-place slab, several models with different levels
of accuracy have been proposed in current codes.
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4.3.1 Prestress loss according to Eurocode’s model

For structures with prestressing strands, prestress losses are distinguished in
instantaneous losses and time-dependent losses. Immediate losses occur between
the time of prestressing and the transfer of prestress to the concrete. After initial
tensioning, the first prestress loss observed is anchorage seating loss. Anchorage
seating loss occurs when the strands are initially tensioned and seated prior to
casting. During the prestressing phase, an anchor displacement of @ could result in
a uniform prestress loss of:

a-E
Aap= Lp

(20)

where L is the length of the prefabrication bench. Prefabricators typically
overstress the strands so that the strand stress after seating loss is the desired
initial prestress. Before the prestressing is transferred to the concrete, a reduction
in stress occurs due to an acceleration of strand relaxation caused by the heat
treatment curing. EC2 suggests that the loss due to relaxation is based on the
1000-hour values for the three different classes of relaxation given in the code.
Therefore, the equivalent time, #.,4, is estimated to take into account the maximum
temperature reached in the steam curing thermal cycle. The loss of prestress due
to relaxation, 4oy, for class 2 wires or strands has been defined as the percentage
ratio of the variation of the prestressing stress to the initial prestressing stress op::

Ao ty + tog\075 (1=K
pr 9.1 0 eq -6
= 6.6 K (—) 10 21
o P1oo00 € 1000 (21)

where proo0 1s the relaxation loss at 1000 hours after tensioning and at a mean
temperature of 20 °C, uis the ratio between the initial prestress and the
characteristic tensile strength of the prestressing steel, and 7y is the time after
tensioning. When the prestressed strands are released from the anchorages, the
transfer of prestress to the concrete results in an elastic shortening of the concrete
and a prestress loss of:

P, P,-e E
Ay, = (—°+ 0 ”yg)—” (22)

where Py is the prestress force at the end of the thermal curing.
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The time dependent losses are calculated by considering the reduction of
strain due to the creep and shrinkage of concrete, and the reduction of stress due
to the relaxation under tension. The assumptions of plane cross-section, linear
behavior, perfect bond between concrete and steel are used in the calculation.
Furthermore, the strain compatibility is imposed between strands and concrete at
the same level:

Ae (t,ty) = Agy(t, to) (23)
Therefore, the concrete strain due to shrinkage and creep can be expressed as:
Aec(t,tg) = €cs + &cc (24)

where & is the concrete shrinkage strain, and &. is the concrete strain due to
creep. For an applied constant stress o at time 7y, the total strain at time ¢ is the
result of an elastic contribution and a strain increment due to the creep:

1 + (p(t; tO)
E.(to) Ec g

cc(t to) = O'l (25)

with ¢(t, t9) creep coefficient and E. 2s modulus of elasticity of the concrete at 28
days. In the case of continuous variation of concrete stress, as in the case of
concrete at the strand level due to long-term losses, concrete creep should be
taken into account by time integration of Eq. 25. However, in the case of
asymptotic stress, it is widely accepted to assume the integral part equivalent at an
ageing coefficient y(7,¢9) according to:

1 o(t, to)
Ecc(t, tO) = AO'(t, tO) m + )((t, tO) E—ZSO (26)
c c,

The aging coefficient was introduced by BaZant [38] to allow the effective
modulus to be calculated in one step. This phenomenon, where the stress varies
slightly and the elastic modulus is assumed to be constant, is taken into account
by defining the age-adjusted effective modulus of elasticity of concrete:

E.(t,)
E =0 2
“efT ™1 4+ o(t, ty) 27)

Therefore, the concrete strain due to the initial stress o:(7y), and its variation
with time Ao, can be expressed in Eq. 24 as:



132 Assessment of prestress loss in 50-year-old PC bridge girders

o(t,to) A0'c
E. Ec

Ag, = g5 + Uc(to) [1+x (P(t tO)] (28)

Imposing the equilibrium between the prestress loss due to creep, shrinkage

and relaxation, Aoy c+s+-, and the variation of concrete stress at strands level,
results:

Ao A,
Ao, = —%(1 + I—ch) (29)
C

where A. is the area of the concrete section, /. is the second moment of area of the
concrete section, and z., is the distance between the centre of gravity of the
concrete section and the strands. All of these quantities are based on the cross-
section of the beam only and do not relate to the behavior of the composite
section. Considering the assumption of the strain compatibility expressed by Eq.
23, the variation of prestress within the strands results:

AO-p,c+s+r = Achp + Ao-relax(t: tO) (30)

Substituting Eq. 29 into Eq. 28, and then Eq. 28 into Eq. 30, gives the
prestress loss in the strands due to creep, shrinkage and relaxation at time ¢:

Ep ¢(t,to)

€csEp +0C(t0)pE—C°

Ao. =
p,c+s+r E A A
1+E£f%1+taw)u+x¢@tg]

+ AO-relalx (t' tO)

(31)

The stress reduction resulting from actual relaxation is lower than that
experienced during pure relaxation for the initial stress, because the applied
deformation on the prestressing strands is not a constant value, but rather varies in
response to the deformation of the concrete. As the deformation of the concrete
decreases, the relaxation loss is less than that of pure relaxation, which is assumed
to be the 80% in the EC2 [1]. In Eq. 31, the ageing coefficient is assumed to be
0.8.

The total shrinkage strain is composed by the drying shrinkage strain, &4, and
the autogenous shrinkage strain, &.:

Ecs = Eca t Eca (32)
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The drying shrinkage strain is influenced by the water migration within the
hardened concrete and is characterized by the following time-dependent function:

gcd(t) = ﬁds(t' ts) kn €cd,0 (33)

where k;, is a coefficient to take into account the area exposed to drying, S is a
coefficient depending on the age of the concrete at the moment considered and the
age of the concrete at the beginning of drying shrinkage, and &.40 is the basic
drying shrinkage strain calculated from:

€ca0 = 0.85 [(220 + 110 ayy,) exp (—adsz ];C—g‘)] 107%Bry (34)

with aus; and aus2, two coefficients that depend on the type of cement, and fry, a
coefficient that takes into account the ambient relative humidity. The autogenous
shrinkage strain is expressed as a linear function of the concrete strength
according to the following equation:

€cq(©) = 2.5(fcx — 10) 107° (35)

The development of autogenous shrinkage strain over time is represented by
the coefficient fus(2) and results:

gca(t) = ﬁas(t) Eca(oo) (36)

The creep coefficient is calculated from:

(p(tr tO) =@ :Bc(t' tO) (37)

where ¢¢ 1s the notional creep coefficient and f.(t, ty) is a coefficient describing
the evolution of creep with time. The notional creep coefficient depends mainly
on the modulus of elasticity of the concrete, and the moisture content. It is
therefore estimated according to:

©o = Qru B(fem) B(to) (38)

where ¢gry 1s a factor to account for the effect of relative humidity, f(fen) is a
factor to account for the effect of concrete strength, and f(#y) takes into account
the effect of concrete age at loading.
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For further information concerning unexplained coefficients, the reader is
referred to EC2 [1].

4.3.2 Prestress loss according to AASHTO’s refined model

The AASHTO LRFD bridge design specifications [2] are based on the NCHRP
project [9], which was established to improve the accuracy of the specification on
the prestress loss estimation. The total prestress loss is divided into short-term and
long-term components:

Afpr = Afpes + Afprr (39)

where the short-term component Af,es refers to the elastic shortening loss due to
concrete strain, and the long-term component Af,.r refers to the sum of time-
dependent prestress losses between transfer and deck placement (shrinkage of
girder concrete, Af,sg, creep of girder concrete, Af,cr, and relaxation of
prestressing strands, Af,z;), and from the time of deck placement to the final time
(shrinkage of girder concrete, Afysp, creep of girder concrete, Af,cp, relaxation of
prestressing strands, Af,z2, and gain due to shrinkage of deck, Af,ss):

Afprr = (AfpSR + Afper + Aprl)id + (AfpSD + Afpep + Afprz — AfpSS)df (40)

This separation was made to account for the effects of the non-composite section
up to deck casting and the composite section after the deck placement.

In order to calculate the elastic shortening loss, the relative shortening of the
member at the level of the prestressing strands, &, due to the concrete
compressive stress, f.qp, 1S defined as:

f
& = 2 =& (41)
ECl

where the concrete compressive stress is given by the self-equilibrating loads
according to:

1 eﬁ) _ Msyep (42)

fe =(fbt_AfES)A <_+_
cgp p p P\a, "1, Iy
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By substituting Eq. 42 into Eq. 41, the change in strain can then be used to
find the prestress loss due to elastic shortening:

E
AprS =Eyg, = E_Zﬁ:gp (43)

where E.; is the modulus of elasticity of the concrete at the time of release. By
solving Eq. 43 for Af,zs, the elastic shortening loss can be calculated from:

Apfone(Ig + e3Ay) — e,My, A
_ ApJpbt\Ug T Cpliyg pswiyg
AprS - gIgEci (44)

A
Ay(I; + e24,) + ~E

where f,; is the strand stress before transfer.

In order to take into account the time-dependent interaction between concrete
and bonded steel, transformed section coefficients have been defined according to
the following procedure. As the presence of steel in the member restrains the
shrinkage and creep of the concrete, the strain in the prestressing strand, &,
caused by concrete strain has been defined as:

€ = € — Eap (45)

where & 1s the concrete strain in the section without strands, and &4, is the strain
in the concrete due to the resistance provided by the prestressing strands.
Substituting the effective contributions into Eq. 45 gives:

AP, AP, AP, e2
”=sb—< E+ p—”) (46)

ApEyp Ecidg ~ Eci lg

where E[; is the age-adjusted effective modulus of elasticity of the concrete.
Solving for the generic loss Af, and introducing the transformed section
coefficient K, Eq. 46 can be rewritten as:

AP,
Af, = 1 = g,KE) (47)
D

where the transformed section coefficient results:
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1
K= (48)
Ep Ap Agep
1+ E_a-@(l +T ) (1 + xy(tr, ti))

where y(1;t;) is the girder creep coefficient at the final time due to the load applied
at transfer and y is the ageing coefficient assumed to be 0.7.

According to the procedure described above, the shrinkage loss between the
time of release and the time of deck placement was defined as:

Afpsr = €piaKiaEp (49)

where &is 1s the concrete shrinkage strain, and Kis is the transformed section
coefficient, both defined for the period between transfer and deck placement.

Accordingly, the girder creep loss was defined as:

fe
Afpcr = %U’b(tw t)KiqE, (50)

ci

where y(ta,t;) is the girder creep coefficient at the time of deck placement due to
the load applied at transfer.

The prestress loss due to shrinkage of the girder concrete from the time of
deck placement to the final time is calculated from:

AfpSD = Ebdedep (51)

where &y 1s the shrinkage strain of the girder between the time of deck placement
and the final time, and K4 is the transformed section coefficient after deck
placement, related to the composite section.

The prestress loss due to creep of the girder from the time of deck placement
to the final time is due to the prestressing force, self-weight, deck loads, and any
other superimposed dead loads at the time of deck placement. Therefore, the creep
loss has been divided into two components, the prestress loss caused by the
continued creep of the concrete due to the initial prestressing force and self-
weight, and the prestress loss caused by the stress change in the concrete due to
the prestress loss prior to deck placement and any superimposed dead loads:
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E E
Afpep = E_p.fcngdf [u (7, t:) — Yu(ta, t)] + E_p.Afcdlpb (tr, ta)Kas (52)

where wi(t;t4) 1s the creep coefficient of the girder at the final time due to the load
applied at deck placement, and Af.s is the change in concrete stress at the strand
centroid, expressed by:

Py, Pae2 Mgye
Ade :_A_I_ ACp _ sd®pc
A, I

(53)

where M;q is the moment due to the deck weight and other superimposed dead
loads, ey is the eccentricity of the prestressing force with respect to the centroid
of the composite section, /. is the moment of inertia of the composite section, and
P4 is the total long-term prestress losses prior to deck placement, calculated from:

Py = _(AfpSR + Afper + Aprl)Ap (54)

The shrinkage strain is estimated using the expression below:
esn = ksknskrkq0.48-1073 (55)

where ks 1s the humidity factor for shrinkage, ks is the factor for the effect of the
volume-to-surface ratio, 4y is the factor for the effect of concrete strength, and k.
is the time development factor.

Creep is found in a similar way using the expression below:
Y(t, t;) = 1.9kskpckekeqty OH° (56)

where ki 1s the humidity factor for creep, and ¢ is the age of the concrete at
loading. Both Eqgs. 55 and 56 are used to find the shrinkage strain and creep
coefficient for the beam and deck concrete at different required time intervals.

At the time of deck placement, typically several months after the beam
casting, it is assumed that most of the shrinkage of the girder concrete has already
occurred and therefore the shrinkage of the deck concrete is resisted by the girder.
This results in positive bending in the beam and a gain in strand stress equivalent
to:
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E
Afpss = E_p'Afcdedf[l + ¥ (tr,ta)] (57)

where the change in concrete stress at the centroid of the prestressing strands due
to shrinkage of the deck concrete is calculated from:

(58)

EqarAgE 1 eye
Adef: ddfAdLcg ( pc d)

1+ xa(teta) \Ac I

where &u4r1s the shrinkage strain of the deck concrete between placement and final
time, Aq is the area of the deck concrete, E.qs is the modulus of elasticity of the
deck concrete, wa(t;t4) is the creep coefficient of the deck concrete at final time
due to the load applied after deck placement, and ey is the eccentricity of the deck
with respect to the composite section. Equation 58 is a mechanics-based
expression which assumes that the shrinkage of the deck concrete imposes a point
load P on the system at an eccentricity of ey, defined by:

_ &aarAaEcq
1+ xa(ty, ta)

(59)

Psd

The expressions for the prestress loss due to strand relaxation before and after
deck placement in the AASHTO LRFD procedure, are separate but of equal
magnitude:

Aprl = Aprz = %(% - 0-55> (60)

where f,; is the stress in the prestressing strands immediately after transfer, K is a
coefficient equal to 30 for low relaxation strands, and f, is the yield stress of the
prestressing strands. There is also an expression in the commentary that gives a
time-dependent value for the relaxation loss:

fptM(fpt 0.55)1 [1 B 3(Afp5R + AprR) Ky (61)

K] log(24t)\f,, fot

Aom = [ oy

where K] is a factor accounting for the type of steel, equal to 45 for low relaxation
steel, ¢ is the time from transfer to deck placement, and ¢ is the time from stressing
to transfer. The expression was derived by Magura et al. [39] and refined to
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account for the steady decrease in strand prestressing due to the concrete creep
and shrinkage and to include the transformed section coefficient Kiq.

For further information concerning unexplained coefficients, the reader is
referred to AASHTO LRFD [2].

4.3.3 Proposed model based on Eurocode’s formulation

The current EC2 formula for computing long-term losses (Eq. 31), is a one-step
method that provides prestress loss by assuming a time step between strand
releases to infinity. However, in the case of staged construction, the interaction
between the precast PC girder and the cast-in-place concrete deck needs to be
considered. When a deck slab is cast on a precast PC girder, the change in cross-
section will generate restraint stresses, as the loaded girder tries to deflect further
under creep, but this is resisted by the composite section. The additional dead load
provided by the deck, induces stress redistribution as a result of a differential
creep. During the curing of the concrete deck slab, it is assumed that the girders
and deck are bonded to form a composite section. However, due to the time
difference between the casting of the deck slab and the curing of the girders, a
significant amount of concrete shrinkage would have occurred prior to the casting
of the deck. Consequently, when considering the composite behavior, differential
shrinkage emerges, leading to the development of compressive forces on the top
of the concrete girder.

In view of the above considerations, a revised version of the EC2 formulation
has been proposed, with the aim of predicting the long-term prestress loss more
reasonably, without the need for a refined calculation using the time-step method.
A similar form of the Eq. 31 has been obtained, referring to the loss before casting
of the deck slab on the PC girder alone (¢4, #), and to the loss after casting of the
deck slab applied to the composite section (#; 7). For each stage of construction,
the prestressing strands and concrete were assumed to be perfectly bonded, strain
compatibility was satisfied, and the ageing coefficient was introduced to obtain
the strain resulting from the initial stress and the subsequent continuously varying
stress. Therefore, the resulting prestress loss was defined as:

AO-p,c+s+r = AO-p,Od + Ao-p,df (62)

where Aoy 0q are the losses equivalent to the Eq. 31, estimated on the precast PC
girder between the strand release and the deck placement:
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and Aoy are the estimated losses on the composite section after deck placement.

Based on the strain compatibility relationship and the equilibrium equation
between the change in prestressing and concrete stress (Eqgs. 23-30), the losses
after deck placement have been defined as:

Ao-p,df =

ecs(tpta) Ey+ac(to) Ep|o (tftoE)C o(tato)] . ao(tpt )Ep[1+(p(tf ta)]

E
1+E—IZ—P(1+ﬁzgp)[1+X o(ts.ta)]

+A0'relax(tf'td)

(64)

where the geometric properties in the denominator refer to the composite cross
section, & is the shrinkage of the girder after deck placement, Ay 1s the strand
relaxation after deck placement, o(#)) is the concrete stress after strand release
taken into account on the composite section with differential creep, and Aoe(t; t4)
is the change in concrete stress at the strand centroid due to prestress loss before
deck placement, superimposed load due to deck self-weight, and differential
shrinkage of the deck, estimated from:

A0cltpta) = Apouty <E * Ezj,,) [1+ (P]itfdtd)] - Swlj .

1 €4
+ Pshd (AC I_Zcp) (65)
c

The effect of the differential shrinkage of the deck is taken into account by
applying a concentrated force Pyiq at the centroid of the deck slab equal to:

EaiffAaEca
1+ )((pd(tf, td)

Pspa = (66)
where the differential shrinkage &uyr 1s calculated by subtracting from the total
shrinkage of the slab &u(ts; 1), the residual shrinkage of the girder after the beam
i1s made composite &(t, fa):
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Eqiff = gds(tf' td) - gcs(tf: td) (67)

The proposed modelling of prestress losses properly accounts for the
interaction between the prestressing strand and the surrounding concrete by
assuming no slip between the prestressing steel and the concrete. As a result, the
steel restraint against concrete shrinkage and creep has been represented by the
denominators of Eqs. 63-64. The creep and shrinkage strains required for loss
estimation can be obtained using any of the concrete creep and shrinkage models
proposed in the literature. However, in the following treatment, those proposed by
EC2 have been used. The effects of differential shrinkage and creep strains
resulting from the casting of the concrete deck after the prestressed concrete
beams have undergone initial relaxation, creep, and shrinkage have also been
included. The current EC2 and AASHTO’s specifications assume a constant
modulus of elasticity of concrete throughout the life of a structure. A realistic
modulus of elasticity that varies with the age of the concrete should result in a
more accurate estimation of prestress losses in concrete girders. Therefore, the
EC2 formula was used to account for the modulus of elasticity associated with
different stages of construction:

0.3

Eom () = Eony {es[l‘(%o's]} 68)

where E.n 1s the modulus of elasticity of concrete at an age of 28 days, and s is a
coefficient that depends on the type of cement (0.38 for normal hardening
cement). To take into account the effect of temperature on the maturity of the
concrete, as for steam cured concrete, the time in days can be adjusted by
estimating an equivalent time.

4.3.4 Analytical models comparison

The prediction models described above were used to estimate the prestress loss of
the PC girders after 50 years of service. As the EC2 formulation does not include
the composite behavior of the girders, two different simulations were performed,
one neglecting the deck slab and the other assuming the composite transformed
cross-section since the initial prestress stressing. Therefore, in both analyses, the
effects due to the casting of the deck slab were ignored according to Eq. 31.
However, in the AASHTO and the proposed model, the correct construction
sequence has been taken into account. In the calculation process, all input
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parameters were assumed to be deterministic, with mean values detailed in Table
19. The material properties refer to the mean values of the destructive test results,
and the ambient relative humidity refers to the mean values of monthly data
recorded by the Turin Caselle weather station from 1980 to 2017. In the absence
of any reference to the construction stages in the original drawings, a hypothetical
time of 3 months was assumed between the prestressing of the PC girders and the
casting of the deck.

Table 19: Input parameters for prestress loss prediction models.

Parameter Value Unit Source

Jem,girder 31.5 [MPa] Experimental

Eecm girder 22894.6 [MPa] Experimental

Sem,stab 27.4 [MPa] Experimental

Ecm siab 18892.1 [MPa] Experimental

Jpim 1786.9 [MPa] Experimental
E, 201.1 [GPa] Experimental
Es 201.8 [GPa] Experimental

Op jacking 1400.8 [MPa]  Original design

RH 72 [%] Estimated

Eslab 90 [days] Assumed

The performance of the models was evaluated by comparing the predicted
prestress loss with the measured values outlined in Section 4.2. The experimental
measurements were considered as mean values for each employed method. Figure
63 illustrates the comparison between the predictions of prestress loss based on
average material properties and the experimental values. The comparative analysis
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between the theoretical models was facilitated by combining the different factors
contributing to prestress loss, namely elastic shortening, shrinkage, creep, and
relaxation effects.
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Figure 63: Comparison between predicted and experimental prestress loss.

As observed in Fig. 63, a first difference was found between the prestress loss
due to elastic shortening estimated by EC2-based approaches and AASHTO’s
model. This discrepancy can be attributed to the neglection in the AASHTO
method of losses occurring before prestress transfer, which are caused by anchor
displacement and strand relaxation during the steam curing thermal cycle.
Furthermore, the AASHTO method exhibited higher predictions for prestress loss
due to concrete shrinkage but lower predictions for prestress loss caused by strand
relaxation. It is important to mention that the primary objective of the research
documented in NCHRP report [9], upon which the AASHTO method was based,
was to extend the methodology for estimating prestress loss in high-strength
concrete girders. Consequently, the baseline test specimen used to calibrate the
shrinkage equations differed from the conditions of the presented case study.
However, an agreement was observed between the prestress losses due to creep,
as estimated by the proposed model and the AASHTO method. Both
methodologies accounted for the distinct effects on the girder section up to deck
casting and on the composite section after deck placement. Moreover, the
proposed model indicated the highest prestress loss due to strand relaxation,
which was calculated as the sum of the maximum relaxation contribution between
prestress transfer to the deck placement and long-term relaxation.

Overall, the predicted prestress losses by the EC2 model with girder section,
the EC2 model with composite section, the AASHTO model, and the proposed
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model, were determined to be 42.9%, 46.4%, 47.9%, and 55.5%, respectively.
The prestress loss estimated by the proposed model was found to be adequate and
comparable to the experimental results, except for the strand-cutting method. Both
American and European code predictions exhibited unconservative estimates
when compared to the experimental values. Specifically, the EC2 results
highlighted improved accuracy when considering the composite section instead of
the girder section alone. Moreover, the introduction of the proposed model
assumption emphasized the significance of considering the actual construction
process when predicting prestress losses. The proper evaluation of the cast-in-
place slab proved to be crucial, not only in accounting for the effects of
differential shrinkage and additional dead load, but also in the redistribution of
stress within the cross-section.

4.3.5 Probabilistic analysis of prestress loss prediction

The accuracy of prestress loss predictions depends not only on the accuracy of the
models, but also on the accuracy of the key input parameters. The aforementioned
methods have been compared with a deterministic approach, assuming the mean
values of the material parameters, thus neglecting the associated uncertainties. On
the one hand, the use of more sophisticated models could lead to more accurate
results, but on the other hand, more input parameters are required. However, when
assessing existing structures, the availability of reliable information on the
mechanical properties and the construction process of the structures is not always
satisfactory. If a number of variables cannot be determined with certainty,
significant errors may occur, and the effectiveness of refined models may be lost.
The most rational way to obtain information on the reliability of the estimated
prestress loss, is to consider the randomness of the uncertain parameters and treat
them with probability distribution fitting. Questions also arise when parameters
with little or no effect on the prestress loss are used. Parameters with limited
variability can generally be assumed constant without significantly affecting the
accuracy of the model. A method designed with these considerations can
potentially offer advantages in terms of clarity, accessibility, and reduced
susceptibility to error.

To this end, statistics and probability distributions have been derived for
material, environmental, and construction phase data assumed as input to the
proposed model for prestress loss prediction. As a first step, a sensitivity analysis
was conducted to ascertain the stochastic variables with the greatest influence on
code-based estimation of prestress loss. The most relevant variables were
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considered together as random variables for a probabilistic analysis of the
prestress loss. The remaining quantities were assumed to be deterministic, with
their mean values as shown in Table 19. Other uncertainties, such as geometry
measurements or epistemic uncertainties related to the models, are not taken into
account. Finally, the variation range of the prestress loss with a certain level of
confidence was obtained to provide a basis for the rational determination in
existing PC bridges. The probability distributions of the prestress loss were
estimated by Monte Carlo simulation based on 10* samples. A script code was
implemented in a MATLAB routine to perform the simulation process, according
to the scheme in Fig. 64.

INPUT
Probability distribution
function of variables

Select a random
value

Calculate prestress
loss

OUTPUT
Probability distribution
function of prestress
loss

Figure 64: Simulation procedure.

The material properties database was based on the laboratory tests described
in Section 3.4. Two different distributions were fitted to the concrete compressive
strength and elastic modulus, assumed to be independent. Consequently, four
distributions were obtained to model the concrete properties of both the girders
and the slab. The parameters of the best fitting distribution were determined by
the maximum likelihood estimation method by differentiating the likelihood that
the data generated by the model were the actual observed data. The same



146 Assessment of prestress loss in 50-year-old PC bridge girders

procedure was used to derive the probability density function of the steel modulus
of elasticity, the ultimate strength of the prestressing strands, and the ambient
relative humidity. For simplicity, all the variables investigated were assumed to be
normally distributed, despite minor deviations from normality occurred at some
data points. Due to the lack of data on the time of deck casting, it was modelled
with a uniform distribution with values between 30 to 180 days. Appendix E
shows the histogram of the relative frequency, the probability distribution
functions, and the Quantile-Quantile plot of the collected variables. The basic
statistics of the distribution obtained in the analysis are presented in Table 20.

Table 20: Statistical parameters of the normal distribution functions.

Variable St.Dev. Mean Unit CoV [%l]

Je.girder 4.5 31.5 [MPa] 14.3
Ec girder 2850.5 22894.6 [MPa] 12.5
Jesiab 1.0 27.4 [MPa] 3.6
Ec siab 4618.5 18892.1 [MPa] 24.4
ot 57.3 1786.9 [MPa] 3.2
Ep, 9.2 201.1 [GPa] 4.6
Es 108.7 201.8 [GPa] 53.9
RH 7.9 720  [%] 11.0

After quantifying all the random variables in terms of probability density
functions, the sensitivity analysis was performed to define their influence on the
prestress loss. A total of 10* random samples were generated for each variable.
The prestress loss was then evaluated deterministically for each set of realizations
for all variables. Finally, the histograms and probabilistic information of the
prestress loss have been calculated. The sensitivity was evaluated by comparing
the variation of the estimated prestress losses due to that of the input variables.
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Therefore, the sensitivity Sp, of the prestress loss P to the variable v was estimated
from:

_ CoVp
Pv — COI/U

(69)

where CoVp is the coefficient of variation of the estimated prestress losses, and
CoV, is the coefficient of variation of the 10* input variables. High values of Sp,
indicate high variation in prestress loss due to variation in the input parameter.
The resulting prestress loss values from the Monte Carlo simulations for each
input parameter are shown in Fig. 65. In addition to the histograms of the prestress
losses, the statistics and the sensitivity coefficient are also reported.
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Figure 65: Prestress loss histogram of the Monte Carlo simulation computed for the
probability distribution function of: (a) girder concrete compressive strength, (b) girder
concrete modulus of elasticity, (c) slab concrete compressive strength, (d) slab concrete
modulus of elasticity, (e) strand tensile strength, (f) strand modulus of elasticity, (g) rebar
modulus of elasticity, and (h) relative humidity.

As can be seen from Fig. 65, the parameters that actually have the greatest
influence on the prestress loss of PC elements are the mechanical properties of the
concrete girder, the tensile strength of the strand, the modulus of elasticity of the
strand, and the relative humidity. For these parameters, the coefficient of variation
of the prestress loss takes values between 1.6% and 4.0%. Of all the parameters,
the modulus of elasticity and tensile strength of the strand were found to have the
greatest influence on the prediction of prestress loss compared to the other
parameters. A similar influence was found for the relative humidity and the
compressive strength of the concrete girder, which affect both concrete shrinkage
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and creep. The remaining parameters gave a coefficient of variation for prestress
loss of less than unity, and consequently a very low coefficient of sensitivity.
Therefore, the influence of these variables is negligible, and they have been
considered as deterministic in the next analysis with their mean values.

Based on the results of the sensitivity analyses, the numerical analysis of the
prestress loss was carried out simultaneously considering the most influential
parameters with their distribution model and the time of deck casting with a
uniform distribution between 30 and 180 days. The simulations were carried out
using the Monte Carlo method for 10* sets of variables generated randomly
according to the corresponding probability distribution function. The histogram of
prestress loss obtained for all sets of variables and the distribution fit are shown in
Fig. 66.
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Figure 66: Probability density function for predicted prestress loss.

According to the Lilliefors test, the response obtained for prestress loss can be
modelled by a normal distribution with a mean of 56.2% and a standard deviation
of 4.48%. The distribution shown can be considered as representative of a range
of PC girders with similar mechanical and geometric characteristics, which are
widely distributed in the current infrastructure network.

From the comparison between the predicted mean value of the stochastic
analysis and the experimental values measured by cracking load, decompression
load, and saw-cut method, a good agreement was found. A slight overestimation
was found for the strand-cutting method results, as this test provides a measure of
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prestress loss related to a single strand rather than the total prestressing force.
However, all measured prestress losses were within the 95% confidence interval,
having lower bound and upper bound of 48.8% and 63.6%, respectively.
Considering the mean value of prestress loss measured by the strand-cutting
method, the upper bound was 3.9% greater than the experimental value. On the
other hand, considering the mean value of prestress loss measured with the
decompression load method, which gave the lower value, the lower bound
resulted 8.9% lower than the experimental value. It is noteworthy that the
prestress loss predicted in the original design greatly underestimated the actual
value, thus highlighting the adoption of an inadequate model for predicting long-
term prestress loss.

Therefore, in practical engineering calculations, it is recommended to estimate
the long-term prestress loss with a reasonable level of confidence and to select the
upper bound of the confidence interval as the most unfavourable value of the
long-term prestress loss from the perspective of ensuring serviceability.
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Chapter 5

Structural assessment

5.1 Introduction

The assessment of existing bridge structures is the most important component of
the Bridge Management System framework. This is due to the provision of basic
data on the actual condition of the bridge stock and its true behavior, which is
essential for the decision-making process associated with the optimal strategy for
bridge maintenance and rehabilitation. As a consequence, the bridge assessment
process should include not only periodic inspections based on visual assessment
of the bridge condition but also a comprehensive analysis of its reliability over the
remaining lifetime, supported by testing and monitoring. Bridge assessment has
become of paramount importance in recent years due to the increasing number of
bridges in need of repair. The majority of these structures are exceeding their
design life and are constantly exposed to increasingly severe events. For these
reasons, there has been great interest in the development of approaches that can
rapidly verify the safety conditions of the transportation network and perform a
comprehensive classification of the entire bridge stock. In this context, a
document entitled “Guidelines for risk classification, safety assessment and
structural health monitoring of existing bridges” has recently been approved in
Italy [1]. The primary objective of this document is to define the technical
principles for the management of existing bridges. The present guidelines comply
with the structural analysis provisions of the Italian Construction Code (NTC) [2]
and are based on a multi-level approach coupled with a simplified risk analysis to
establish an overall bridge attention class. On the basis of the attention class, a
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more or less accurate safety check is required. However, unlike the design of new
structures, where conservative assumptions can be made with little additional
costs, the assessment of existing bridges can have significant financial
implications if a structure is classified as deficient with unnecessarily conservative
measures. Thus, detailed approaches are required to provide a less conservative
but reliable assessment of existing bridges.

The present work addressed this research topic and consisted of a multi-level
assessment approach from deterministic numerical analyses to probabilistic
analyses integrated by field test results and statistical uncertainty. At the first level
of assessment, the resources provided by the original design, assumed as
resistance, were compared with the loading effects resulting from the structural
analysis, according to the current code provisions. At the enhanced levels, a
theoretical model was developed to predict the actual bending capacity of the
structural members, validated by comparing the analytical results with the load-
deflection behavior of the full-scale tests in a deterministic approach. Finally, the
structural model was integrated with a probabilistic analysis to verify whether the
bearing capacity meets the current load requirements with a reliability analysis.
The reliability of the structure was then estimated in terms of a reliability index
(or failure probability) defined by taking into account the uncertainty associated
with the material properties and the capacity model. The probabilistic assessment
allows not only to model the different sources of uncertainty in a consistent way,
but also to define, through a sensitivity analysis, which parameters need to be
investigated in depth with further data collection. In this way, a targeted
diagnostic campaign could be planned to characterize specific quantities, with a
consequent reduction of uncertainty. In general, a structure may have several
failure modes, geometries, structural elements, and degradation mechanisms that
need to be considered in the structural analysis for the estimation of the reliability
index. In the present analysis, all elements were assumed to be equivalent to the
PC girders detailed in this thesis and therefore the reliability analysis was limited
to the flexural capacity of the deck superstructure. In addition, for more accurate
traffic load models, the actual traffic probability distribution calibrated on weigh-
in-motion systems outcomes should be considered. Modelling bridge loads
presents significant complexities owing to the necessity for site-specific long-term
data, which is frequently inaccessible, and the requirement to forecast future
loads. Therefore, in the present study, the required demand has been considered
assuming prior probabilistic models.
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5.2 Structural analysis

In the structural analysis of bridge decks, the estimation of live load effects is a
three-dimensional problem involving the complex behavior of load paths between
the slab, transverse diaphragms, and longitudinal beams. It is a spatial structure,
usually schematized as a planar system of parallel and orthogonal beams (Fig. 67).

Figure 67: Schematic representation of the bridge deck.

In composite concrete deck beams, the transverse diaphragms and the top slab
are essential for the live load distribution between adjacent beams. Depending on
the relationship between the flexural stiffness of the transverse system and the
torsional stiffness of the longitudinal beam, different limit cases can occur (Fig.
68).

(a) (b)
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Figure 68: Relationships between the stiffness of longitudinal beams and transverse
system: (a) transverse system without bending stiffness, (b) transverse system with
infinite bending stiffness, and (c) longitudinal beams with infinite torsional stiffness.

In case of negligible bending stiffness of the transverse system, the entire load
P is carried by the beam to which it is applied (Fig. 68a). In the case of infinite
bending stiffness in transverse direction and negligible torsional stiffness for the
longitudinal beams, the load is distributed linearly in the transverse direction
according to the eccentricity of the beams in the deck (Fig. 68b). If the torsional
stiffness of the longitudinal beams is also assumed to be infinite, the rotation of
the deck is restrained, and the load is equally distributed between them (Fig. 68c).

5.2.1 Load distribution methods

To calculate the effects of load distribution on bridge girders, various load
distribution methods with different degrees of approximation to the real behavior
are used. Under the assumption of infinite bending stiffness and null torsional
stiffness for the transverse system, a classic method is that of infinite transverse
beams with infinite bending stiffness, commonly named the Courbon method. In
this method, a general load P is distributed in transverse direction by solving the
static scheme of a transverse beam assumed to be equivalent to a continuous beam
on elastic bearings (Fig. 69).

Figure 69: Schematization of the transverse behavior according to the Courbon
assumption.
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Consequently, the corresponding reactions in each spring are proportional to
the displacement according to the relative stiffness. Considering K;, the stiffness
of the i spring, the reaction 7; can be defined by:

1 = Ki(d + ¢x;) (70)

where d is the displacement of the transverse beam at the rotation center, ¢ is the
rotation angle of the transverse beam, and x; is the distance of the i spring from
the centre of spring stiffness G. The deformed configuration can then be
determined by imposing the equilibrium to the rotation and in the vertical
direction. The force resulting in the general spring is equivalent to the percentage
of load P acting on the i beam, and is expressed by:

_ Ki N Kiexl-
= Ko XL Kix?

147 (71)
where e is the eccentricity of the load P assumed to be equal to one. In the
common case of constant spring stiffness, the distribution coefficients p;. can be

defined as a function of the number of beams n, and geometric quantities
according to:

1 X
et S .

Based on the above assumptions, the calculations are transformed from the girder
scheme to that of multiple parallel beams, depending on the geometry and loading
point.

In order to remove the Courbon assumption of infinite transverse beams with
infinite bending stiffness and to take into account the actual number of transverse
elements, another method widely used in the literature is the Engesser method.
The present approach entails the implementation of a superimposition of effects
between the scheme of continuous beams with auxiliary supports and a free
scheme with nodal forces equivalent to the reaction forces of the first scheme.
Thus, the nodal forces can be distributed without assuming infinite transverse
beams. The problem is then reconducted to solve the scheme of a continuous
beam and to distribute the nodal reaction with repartition coefficients according to
Eq. 72. However, both methods do not take into account the real stiffness of the
bridge deck members, considering the transverse system with infinite bending
stiffness and the longitudinal beams with negligible torsional stiffness.
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In the present work, the numerical methods introduced above have been
compared with a detailed analysis, taking into account the actual bending and
torsional contributions of all structural members under traffic loads. The
numerical analysis was based on the well-established “displacements method”, by
imposing kinematically compatible displacements and solving the nodal
equilibrium. In this approach, the bridge deck was idealized as equivalent to a
system of longitudinal members representing the composite sections of precast
beams and associated slab, and transverse members representing the composite
section of diaphragms and associated slab. The load distribution problem was then
reconducted to the plane grid analysis, with each member placed coincident with
its respective axis. A general layout of the numerical elements employed in the
analyses is shown in Fig. 70.

= Composite box girders
—Composite I-girders
Composite transverse beams

48’ 47 46 45
44 43 42 41
40 39 38 37
361 35 34 33
32 31 30 29
28 27 26 25,
24 23 22 21
20 19 18 17
16 15 14 13t%
12 11 10 9

g 7 6 5

4 3 2 z 1

Figure 70: Plane grid layout.

The kinematic parameters that define the deformed configurations include the
rotations relative to the x and z axes, as well as the displacement orthogonal to the
plane, along the y axis. The bridge deck was then modelled using three different
beam elements, each characterized by a proper stiffness matrix obtained by
imposing the three generalised displacements at each node according to the local
coordinate systems. Considering M, T, and M,, as representing internal actions,
and ¢, v, and 6, as denoting rotation about the x axis, vertical displacement, and
rotation about the z axis respectively, the following relationship can be written:
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where the local stiffness matrix is computed taking into account the length L of
the element, the contributions of the bending stiffness E/. and the torsional
stiffness GI. related to the transformed section properties of the composite beams.
The length of the slab for the T-shaped cross sections of the transverse
diaphragms was related to the distribution of the traffic load at an angle of 45° to
the middle plane of the slab, according to:

l
B=b0+251+s+§x (74)

where by is the length of the wheel contact surface, s; is the thickness of the
pavement, s is the thickness of the slab, and /: is the distance between the I-
girders. The matrix relationship of Eq. 73 can be rewritten in the general form as:

{Se} = [Kel{6e} (75)

where the subscript e denotes the generic element, and the superscript = denotes
the local coordinates. In each node, the internal action must balance the applied
actions according to:

{Se} +{fe} = [Kel{ée} (76)

where {f,} is the vector of nodal forces equivalent to the applied load. Before
assembling the matrices of the whole system in the nodes where they converge,
each vector must be transformed with respect to the global reference system.
Equation 76 can therefore be rewritten in terms of the global coordinate system
according to:
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{Se} + {fe} = (T [KTD{S} (77)

where [7] is the transformation matrix. To solve the whole structure, it is
necessary to define for each node the equality of the kinematic variables of
elements with the same node, and the equilibrium of the statics variables. This is
done by expanding the vectors from the local dimension 6x/ to the global
dimension nx6, where n is the total number of kinematic parameters defining the
deformed configuration of the grid system. To this end, the assembling matrix
[4.]" has been defined, which is able to move the nodal parameters of each
element to the corresponding node of competence. By multiplying each vector
with the assembling matrix, Eq. 77 can be rewritten with the expanded form as:

{Se}+{F°} = (AIITI"[KIITI[A]D{6°} (78)

The assembling operation is completed by summing the contribution given by
each element in Eq. 78:

D)+ iD= () 79

where [K°] is the stiffness matrix of each element with respect to the global
coordinate system, expanded to the n-dimension. Finally, the solver equation can
be written as:

{F} = [K]{6} (80)

where {F'} is the vector of nodal forces, [K] is the global stiffness matrix, and {J}
is the global vector of the nodal displacements. The unknowns of the problem,
represented by the vector of free displacements, can be determined by introducing
constraint conditions. Equation 80 can then be partitioned in terms of free and
constrained displacements, as:

K14 Klz] [51] [F1]
= 81
K Knllo,] = IR, ®D
where J; refers to the unknown free displacements and o, refers to the restrained

displacements. Since the fixed displacements are zero, the free displacements can
be obtained by:

{6,} = [K11]_1{F1} (82)
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Once all the kinematic parameters have been defined, the internal actions can be
determined accordingly:

{8} = [K211[K11]"HF} — {F2} (83)

The main advantage of the plane grid analysis is that the internal forces are
obtained directly without the need for stress integration as in classical FEM
analysis. The parameters of the beams and transverse members were based on
uncracked section and elastic behaviour. The procedure was implemented in a
MATLAB script and resulted in a good alternative to the other simplified bridge
deck analysis methods, allowing the distribution of traffic load in accordance with
the stiffness, geometry and boundary conditions of the bridge deck.

5.2.2 Load analysis results

The traffic load distribution was obtained by positioning the traffic load models
on the bridge deck to obtain the maximum value of the bending moment in the
midspan section of the outer beams. For this purpose, two notional lanes of 3.0 m
width were defined on the deck, bounded between the vehicle restraint systems.
Figure 71 shows the loading scheme used in accordance with the NTC
requirements. The Italian code defines six loading models according to the type of
verification. In the case of the global verify, two types of traffic loads are
prescribed using a set of concentrated loads and distributed loads according to the
load model 1. The first load is composed of a tandem concentrated load with a
total weight of 300 kN for each axle (Fix = 150 kN), and a distributed load (qix) of
9 kN/m?. The second lane is loaded by a tandem with a total weight of 200 kN for
each axle (Fax = 100 kN), and a distributed load (qzx) of 3.5 kN/m?.

200 ; 50 _ 50 b 200 » 50w

ﬂf l L éﬁ
LI oo

Figure 71: Transverse arrangement of load model 1 prescribed by NTC (unit: cm).
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The permanent loads of the bridge were determined on the basis of the deck
geometry and the characteristic densities of the construction materials. The values
of the permanent loads considered in the assessment are outlined below:

e Self-weight of the I-girder — 5.00 kN/m;

o Self-weight of the box girder — 9.45 kN/m;

e Self-weight of the slab — 3.03 kN/m?;

e Transverse diaphragm — 2.06 kN;

e Pavement — 1 kN/m?;

e Kerb —5.05 kN/m;

e Vehicle restraint system (VRS) — 0.49 kN/m;
e Parapet - 0.49 kN/m,;

The transverse diaphragms were assumed as concentrated forces at third points,
according to the deck girder layout.

The maximum bending moment in the box girder and in the I-girder due to
permanent loads was 662.0 kNm and 355.1 kNm, respectively. These values were
obtained without taking into account the kerb, VRS, and parapet loads, as these
were distributed according to the load distribution methods. The results of the
loads distribution for the outer and inner girders are shown in Table 21. As the
stiffness of box girders was approximately twice that of I-girders, in the simplified
methods these were assumed equivalent to double I-girders.

Table 21: Bending moments at midspan for box and I-girder based on
Courbon, Engesser, and plane grid analysis (unit: kNm).

Box girder I-girder
Load Grid
Courbon Engesser . Courbon Engesser ne
analysis analysis
Kerb 66.49 70.18 80.09 33.24 32.50 29.61
VRS + 12.92 13.63 15.56 6.46 6.31 5.75
Parapet

qik 385.55 376.99  276.61 166.80 163.09 99.76
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q2k 15.95 15.60 34.93 12.15 11.88 22.03

Tandem:  836.70 743.09  546.05 361.98 483.73  470.13

Tandem: 83.08 67.63 155.87 63.30 51.53 89.83

The results in Table 21 show slight differences between the three numerical
medels. In particular, for the effect on the box girder due to the more eccentric
traffic load models (subscript 1), an overestimation of the simplified approaches
can be seen, compared to the plane grid analysis. On the other hand, in the case of
traffic load models applied far from the box girders (subscript 2), the simplified
approaches underestimate the actual bending moments. This phenomenon could
be explained whit the assumption of a linear load distribution, as in the simplified
approaches, resulted in a uniform distribution of the load between the girders
when applied far from the outer girders. However, since in this case the load is
resisted by the outer box girders due to their high torsional stiffness, this resulted
in a higher level of bending moment. When the load is applied close to the box
girders, these differences are limited as the resistance mechanism is mainly
determined by the bending contribution.

5.3 Moment-curvature analysis

The moment-curvature method was used to predict the flexural behavior of the PC
girders, taking into account the material non-linearities. The selection of the
analytical model used to estimate the structural response was determined by the
requirement for accuracy and simplicity, which are essential attributes for an
operational tool to be widely implemented for the assessment of existing
structures. The computer code was integrated with the prestressing loss prediction
script to determine the moment-curvature diagram, and the prediction of the load-
deflection response. It was designed to analyze the structural response of the I-
girder alone or consider the contribution of the top slab to the composite section.
Therefore, the following assumptions were established: perfect bond at the
concrete-steel interface, plane section remaining plane after loading, composite
behavior between the top slab and the I-girder, concrete softening branch and
shear deformation neglected. The structural model of the PC girder was based on
a layered discretization of the section and by defining the strain and stress at each
layer according to the compatibility condition and constitutive relationships, as
shown in Fig. 72.
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According to the linear strain distribution over the section, the concrete strain
at the i layer can be expressed as:

Ei = A+ Uy (84)

where / is the strain at the centroid of the section, u is the curvature, and y; is the
location of the i layer. The strain at the prestressing strands and steel
reinforcement levels is determined according to the strain compatibility, also
taking into account the long-term impressed strains. For a given curvature, the
value of A was determined by an iterative procedure aimed to satisfying the
equilibrium of the horizontal forces:

ZN=CC—TC—TpiTS=O (85)

where C. and T. are the resultant concrete forces in compression and tension
respectively, 7, is the resultant tension in the prestressing strands, and 7 is the
resultant force in the steel reinforcement having the sign according to the strain
compatibility. For simplicity, the resultant forces in the steel reinforcement have
been omitted from Fig. 72.
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Figure 72: Layered section analysis.

Once the equilibrium stage is satisfied, the corresponding moment of resultant
forces can be calculated for each deformed configuration:
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where C.; is the concrete compressive force at the centroid of the i layer with

location yi, T.; is the concrete compressive force at the centroid of the 1™

layer with
location yy, T); is the tensile force at the j™ level with location y,;, and Ty is the

tensile force in the steel reinforcement at location y.

The first stage of the resistance analysis was to calculate the moment-
curvature relationship at discrete points along the beams. The midspan deflection
due to an applied load can then be determined by the classical moment area
method by integrating the corresponding curvatures along its half-length and
summing the increment of tangential offsets given by the rotation of the segments
used to discretize the beam [3].

For a reliable prediction of the structural behavior of existing structures,
accurate modeling of the material properties is required. To this end, the
mechanical properties based on measurements from laboratory tests were detailed
in the section models. The stress-strain diagrams were related to the average
measured properties and then considered as deterministic. Such an approximation
is more plausible for the mechanical properties of the reinforcing steel, which
generally have a lower scatter compared to the parameters describing the concrete.
However, the aim of this section was to determine the reliability of the simplified
model in detecting both the occurrence of cracking and the ultimate load of the
girders. It was not intended to predict the structural behavior of each individual
girder with its own properties. A summary of the parameters used to model the
average stress-strain diagrams is given in Table 22.

Table 22: Mean values of the mechanical properties used in the models.

Properties Value Unit

fcm,girder 31.5 MPa

Ecm,girder 22894.6 MPa
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fctm,girder 35 MPa

fem,stab 274 MPa

Ecm,stab 18892.1 MPa

fpo1k 1542.4 MPa
fpt 1786.9 MPa
Ep 201.1 GPa
Epu 30.8 %o
fys 449.0 MPa
fis 685.1 MPa
Es 201.1 GPa
Esu 109.8 %

The constitutive model for concrete in compression was established by
calibrating the Sargin curve [4] to match the average stress-strain relationship
derived from uniaxial compression tests on concrete cylinders. To describe the
tensile behavior of concrete up to the tensile strength, a linear elastic stress-strain
relationship was employed. The steel reinforcement, including both longitudinal
reinforcing bars and the prestressed reinforcement, was characterized using an
elastic hardening relationship based on the average values presented in Table 22.

Figure 73 shows a comparison between the numerical load-midspan
deflection responses and the measured responses of the girders tested in the three-
point bending test configuration. For the clarity of diagrams, the unloading and
reloading branches have been removed from the experimental curves and the
branches resulting from multiple loading steps have been combined into
monotonic curves.



170 Structural assessment

100
Ay
Z 60
=3 A -
= ) = =
s P o
S 40 y 7k ——B3-P47/46
A BA4-P47/46
Vi —— BR-P47/46
200 /7 — BY-P47/46
’ Num. Composite
2 ———-Num. [-girder
0 . ‘ I
0 50 100 150 200

Deflection [mm]

Figure 73: Numerical and experimental load-midspan deflection curves of the three-
point bending tests.

Overall, a good correlation was observed between the load-deflection
behavior of the B9-P47/46 I-girder and the analytical results throughout the
loading test. As the elastic stiffness of the girder is strongly influenced by the
elastic modulus of the concrete, this result shows that its constitutive law is
effectively represented by the average values. This can be attributed to the greater
care taken in the casting process employed for the PC girders, resulting in lower
variability of the elastic modulus compared to the cast-in-place slab. Moreover,
the comparison between the analytical and measured cracking load reveals a good
estimation of the residual stress in the prestressing strands. Good agreement in
predicting the structural behavior in the elastic phase was also found for the other
girders. In both cases, the ultimate load was achieved by crushing the compression
concrete with prestressing strands in the elastic phase. In terms of ultimate
capacity, an overestimation of 11% was observed for the composite girders,
corresponding to an estimated bending moment of 1656.0 kNm. For the actual
value of the bending resistance, the dead load and the weight of the loading
system must be taken into account. As the failure mechanism was governed by the
top slab concrete, such a discrepancy between the numerical and experimental
curves can be justified by its higher variability.

Figure 74 shows the comparisons between the numerical and analytical load-
midspan deflection curves of the girders tested in four-point bending
configurations. Since the aim of this section was to verify the effectiveness of the
resistance model to be used in the reliability assessment of the bridge deck, only
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the girders in the actual conservation state were considered, and not those affected
by artificially induced damage.
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Figure 74: Numerical and experimental load-midspan deflection curves of the four-
point bending tests.

According to the observations made for the three-point bending test results,
the model showed a good ability to predict the structural behavior up to the
cracking load. A weakness of the numerical model is observed in the prediction of
the non-linear behavior in the post-cracking phase. This phenomenon could be
related to the simplification of disregarding the positive contribution of the
tension stiffening of the concrete to the resistance. Such underestimation was
more accentuated in the four-point bending configuration as the areas affected by
constant bending moment and subjected to cracking resulted higher than the three-
point bending test configuration. However, at the ultimate load, the resistance is
mainly provided by the compressed concrete and the discrepancy between the
numerical and experimental curves decreases. Also in these cases, assuming the
average concrete strength of the top slab led to an overestimation of the ultimate
load. This was even more pronounced for the box girder where, in addition to the
variability in the mechanical properties of the cast-in-place slab, there was also
the variability in its thickness due to the cutting operations. However, even in
these cases, the ultimate load was overpredicted, resulting 9.4% and 7.4% higher
than the experimental values for the box girder and the I-girders, respectively. The
predicted bending resistance for box and I-girders was 3458.0 kNm and 1768.0
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kNm, respectively. The actual bending resistance will depend also on the weight
of the loading system and the dead load.

These observations highlight the importance of having a comprehensive
understanding of the constitutive law of the cast-in-place slab, which is the weak
part in the composite girders. In this context, it can be stated that the numerical
model predicts both the cracking and the ultimate loads in static tests with
sufficient accuracy, and its variability can be related to the concrete uncertainty of
the top slab. To consider the variability of materials, the safety of the bridge deck
was assessed in the following section using a multi-level approach, moving from
deterministic to semi-probabilistic and probabilistic analyses.

5.4 Safety assessment

The nonlinear behaviour of structures can be analysed by implementing governing
equations based on fundamental physical principles. However, mathematical
idealisation of physical laws, numerical errors in solution algorithms,
uncertainties in input data, and spatial variability of mechanical properties can
lead to discrepancies between predictions and the actual performance of structural
members. In safety analysis, it is necessary to adequately characterise these
uncertainties, and to quantify their impact on the structural response. For this
reason, the safety assessment was carried out using a multi-level approach,
starting from a first simplified level requiring only basic information to determine
the current demand and the past resistance, and then moving to more refined
levels taking into account the knowledge of the actual material properties with
their mean values. The final stage involved a probabilistic approach, taking into
account the available material test data with its statistical variability.

5.4.1 Safety formats

In the field of bridge engineering, the basis of the safety formats used for design
or structural assessment is founded on the concept of limit states, defined as the
boundary between the desired and undesired performance of the structure. A
common method of defining structural safety is the partial safety factor method.
For a given limit state, it can be expressed as:

¢rR = yspSp + Vs S, + - (87)
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where R is the member resistance (usually 5% fractile), ¢z is the partial factor of
the resistance, and Sp, S are the dead and live load effects (usually 95% fractile)
associated with the partial safety factors ysp, ysz. This allowed to take into account
the uncertainties associated with the mechanical and geometrical parameters, the
uncertainty of the resistance model and the uncertainty in the estimation of loads.
However, the partial safety factors in the design codes are calibrated considering
all the sources of uncertainty characteristic of the design and construction process
of new structures. In the assessment of existing structures, all these uncertainties
have been realised and different sources of uncertainty have arisen, such as the
actual values of long-term properties, deterioration effects, undocumented
changes, and different analytical models of the structural response. The
uncertainties are no longer related to what will be realised, but to the limited
knowledge of the actual realisation. To this end, the new Italian guidelines for the
management of existing bridges [1] have introduced confidence factors to define
the material properties according to the current state of knowledge. Furthermore,
three different categories of bridges can be defined according to the “reference
period”, considered as the time for which the safety checks are satisfied:

e Adequate: applies to bridges that pass the safety check using the partial safety
factors;

e Operational: applies to bridges that pass the safety check using the partial
safety factors evaluated for the assumed reference period of 30 years;

e Passable: it refers to bridges that require intervention works. It may be
possible to establish use restrictions and perform the safety verify with
reduced safety factors with a reference period of 5 years.

However, for the assessment of existing bridges, the most reliable acceptance
criterion is not simply to check that the minimum acceptable level of safety is
achieved, but to take into account the actual performance of the structures through
a structural reliability approach. The structural assessment of an existing structure
has the advantage of knowing probabilistic information about materials and loads
that must be incorporated into the analysis process. Thus, modelling the structure
and its various influences with probabilistic analysis can be used for structural
assessment when the bridge fails the safety check performed using the most
conservative partial safety factor method.

In a probabilistic analysis, the resistance R of a structural member and the
resultant stress S, are considered as random variables described by appropriate
probability density functions. The safety assessment is then carried out to check
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whether the resistance is equal to or greater than the resultant stress, according to
the following inequality:

S<R (88)

The limit state, corresponding to the boundary between desired and undesired
performance, is represented by the equality between the resistance and the load
effect. However, as the safety assessment is affected by many sources of
uncertainty, it is not possible to define an absolute safety, but it is required that the
structures fulfil their function with a finite probability of failure Py, defined by:

Pr=P(R <5)=P(g(R, S)<0) (89)

where g(R, S) is the performance function (or limit state function). As R and S are
random variables with f, and f; probability density functions, g(R, S) is also a
random variable with its own probability distribution function. Therefore, the
probability of failure can be represented by the shaded area in Fig. 75.
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Figure 75: Probability distribution functions of the safety margin, load, and resistance.

The probability of failure is calculated by integrating the joint density
function fzs(, s) over the failure domain D, according to:

Py = fofRs(T: s)drds (90)
If R and S are independent, frs(7, s) = fr(¥)fs(s), Eq. 90 can be rewritten as follows:
Py = [ Fr(0)fs(x)dx (91)

where Fr(x) is the cumulative distribution function corresponding to the
probability that the resistance R is less than a value x, and fs(x) is the probability
that the load effect S takes the value between x and x+4x in the limit as 4x — 0.
Integration over all possible values of x gives the total probability of failure.
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If R and S are statistically independent random variables and normally
distributed with means g and us, and variances o and ¢, the integral in Eq. 91
can be solved analytically. Introducing the new variable Z, called “safety margin”:

Z=R-S (92)
and taking into account the well-defined rules for normal random variables:

Uz = Ug — Us (93)
07 = 0f + 0? (94)
Equation 89 can be rewritten as:

0—uy

VA

P, =P(Z < 0) = q>( ) = o(=p) (95)

where @ is the standard normal distribution function with zero mean and unit
standard deviation, and f is the so-called “reliability index”, often referred to as
the Cornell reliability index [5]. Substituting Egs. 93 and 94 into Eq. 95, gives the
reliability index:

Hr — Us

SNCEr: oY

If the standard deviations of the resistance and the load effect increase, the
reliability index will decrease and therefore P, will increase. Similarly, if the
difference between their mean values is reduced, Princreases. In order to quantify
the structural reliability for the specific cases of linear limit state function, non-
linear limit state function, and non-normal random variable, appropriate methods
have been proposed in the literature [6].

An effective method of solving the multi-dimensional integration required in
Eq. 89, when the basic variables are not normally distributed, is to use Monte
Carlo simulation. In structural reliability analysis, this is done by sampling the
random variables and checking the limit state function using the sampled set of
values (g(R;, S;)). Given a number of simulations N, the probability of failure can
then be approximated by:
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1 N
P~ D 1R, ) < 0] (97)

where I/g(R;, S;) < 0] is a counter equal to / if the limit state function is violated.
The generation of the basic random variables x; can be obtained using the inverse
transform method:

x; = F N () (98)

where F}; is the cumulative distribution function of the basic variable X, and 7; is
the random number generated, uniformly distributed. It is worth noting that the
accuracy of Prdepends on the number of simulations, and the uncertainty in the
estimate decreases as the number of simulations increases. Therefore, it can also
be treated as a random variable with its own mean, standard deviation, and CoV.
The plot of the progressive results of the estimated Prand its variance will show a
stability with a sufficient number of simulations. A key issue in the assessment of
an existing structure is to compare the estimated probabilities of failure with the
target nominal values to provide the required safety according to the risk
acceptance criteria. The general equation in the probabilistic methods is:

B = Pr (99)

where fr is the target reliability index, usually determined by a multidisciplinary
approach based on past performance of structures in service and socio-economic
considerations. The Eurocodes [7] provide two sets of reliability indices for
different reference periods and limit states. Furthermore, in the case of the
ultimate limit state, different reliability classes are defined according to different
failure consequences, low, medium, and high (RC-1, RC-2, and RC-3). The
consequences of failure are related to loss of human life, economic, social and
environmental impacts (Table 23).

Table 23: Target reliability index £7 (EC-0).

Reference period 1 Reference period 50

ear ears
Limit State y y

RC-1 RC-2 RC-3 RC-1 RC-2 RC-3
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Ultimate 4.2 4.7 5.2 3.3 3.8 4.3

Fatigue - i i i 13;58- i
Serviceability - 2.9 - - 1.5 -

Similarly, in the Probabilistic Model Code [8], the Joint Committee of
Structural Safety (JCSS) proposed a set of target reliabilities according to the
consequences of failure and different relative costs of safety measures (Table 24).

Table 24: Target reliability index fr (JCSS).

Ultimate limit state

Cost of Serviceability
safety i limit state
P, Minor Moderate Large
consequences consequences consequences
Large 3.1 33 3.7 1.3
Normal 3.7 4.2 4.4 1.7
Small 4.2 4.4 4.7 23

However, both codes are intended for use in the design of new structures. As
the cost of achieving a higher level of reliability for existing structures is usually
higher than for new structures, the use of such a target level for the assessment of
existing bridges may be overly conservative.

5.4.2 Safety verification results

As a first level of assessment, the resources provided by the original design were
compared with the current code requirements. The action induced on the girders
by the traffic loads prescribed by the regulations at the time of construction was
taken as the minimum capacity guaranteed by the structure, and the action
obtained using the traffic model provided by the current regulations was taken as
the actual demand. An approximate safety factor against the current load
regulations can then be estimated as the ratio between the bending moment
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capacity (Mdesign,1970) and the demand requirement (Mnrtc). At the time of
construction, the C.so Grosseto viaduct was designed in accordance with the
Italian standards Circ. Min. LL.PP. 14/02/1962 n. 384 [9], considering the road in
1! category. In terms of traffic load models, the code provided the equivalent of a
column of trucks corresponding to 12 tonnes and an isolated military cargo of
74.5 tonnes. Table 25 provides a comparison between the total bending moments
due to the current traffic models, and the maximum bending moment provided by
the original design. The maximum bending moment due to the NTC traffic load
models is calculated by summing the contributions listed in Table 21.

Table 25: Comparison between the maximum bending moment calculated
according to NTC code and that of the original design (unit: kNm).

Element MCourbon,NTC MEngesser,NTC Mgrid,NTC Mdesign,1970

Box 1321.28 1203.31 1013.46 798.82

I-girder 604.23 710.23 681.75 380.82

Conservatively, using the maximum demand estimated by the Courbon
method for the box girder and the Engesser method for the I-girder, the safety
factors for the box and I-girder were 0.60 and 0.54, respectively. For the
maximum bending moments estimated from the plane grid analysis, the safety
factors for the box and I-girder were 0.79 and 0.56, respectively. These results
demonstrate a significant increase in the effects of traffic loads associated with the
current code provisions and highlight the need for a refined assessment of the
actual capacity of the structural members. Therefore, as part of the successive
improvements to the enhanced assessment approach, the structural performance of
the deck girders has been further investigated taking into account the actual load
carrying capacity using the resistance model and updated material properties.

In the second level of the assessment, safety was verified using the partial
safety factor method. The safety check was carried out for the midspan sections of
the most loaded girders according to Eq. 87. Using the partial safety factors
defined in ECO [7] and EC2 [10], the load effects given in Table 21 for the grid
analysis and the moment resistance obtained by the moment-curvature method
with the average mechanical properties, the check equation for the box and I-
girders is as follows:
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4218.9 kNm
MRd,box = T > 1.35- (6620 +95.7 + 10135) kNm = MEd,box
2201.1 kNm
MRd,I—girder = T >1.35- (3551 + 354 + 6818) kNm

= MEd,I—girder
which leads to the following inequalities:
Mgg pox = 3245.3 kNm > 2391.1 KNm = Mgg pox

MRd,I—girder = 1693.2 kNm > 1447.6 kNm = MEd,I—girder

As it can be seen, using the partial safety factor method with the safety factors
provided in the Eurocode, safety is verified for both box and I-girders with an
ultimate bending moment greater than the design moment in the order of 26.3%
and 14.5% respectively. From the comparison of the first and second levels of
assessment, it can be deduced that despite the increase in the traffic load actions, a
safety margin is preserved as a result of the overdesign of the cross-sections.

From a practical point of view, the safety check should be stopped at the
second level of assessment as the structural members were found to be safe.
However, as the material and load uncertainties were neglected at the second level
of assessment, the third level probabilistic safety check was also carried out. The
reliability of the box girder and the I-girder was then estimated using Monte Carlo
simulation. A total of 10* simulations were performed to estimate the resistance
distributions of the structural members. For PC girders, the basic variables that
influence the resistance are the mechanical properties of the concrete, the
reinforcement, and the dimensions of the cross-section. However, in the present
analysis, since the dimensions were determined directly from the real geometry
and the ultimate flexural response was governed by the strength of the top slab,
the geometry and reinforcement properties were assumed to be deterministic with
their mean values. In each simulation, the mechanical properties of the concrete
for both the cast-in-place slab and the precast girders were randomly generated
from the probability distributions based on the destructive test results (Appendix
E). In addition to these models, the tensile strength of the precast concrete was
also assumed with a probability distribution function with mean 3.5 MPa and
standard deviation 0.546 MPa. Figure 76 shows the histograms of the ultimate
bending resistance calculated at the midspan section of the box and I-girders.
Following the procedure presented in the previous section, the probability
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distribution of the limit state function was first defined by fitting the simulation
results of the box girders with a normal distribution and the resistance distribution
of the I-girder with a Weibull distribution.
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Figure 76: Histograms of midspan section resistance for: (a) box, and (b) I-girder.

In order to account for the uncertainties associated with the loads that a bridge
will experience during its operational lifespan, it is essential that these
uncertainties are accurately modelled using appropriate statistical distributions.
The primary sources of permanent loads on a bridge are attributed to the self-
weight of the bridge deck and the weight of non-structural components that
remain permanently installed in the structure. The uncertainty associated with
these loads arises from the variability in material density and the dimensions of
individual bridge elements. To account for this uncertainty, permanent loads are
usually modelled using a normal distribution with a CoV ranging from 0.05 to 0.1
[5, 7]. On the other hand, the traffic load experienced by the bridge is a stochastic
process subject to temporal and spatial variations. Load models defined by codes
aim to simulate load effects on bridge members that are representative of the
lifetime of the bridge under a wide range of traffic conditions. As a result, these
models tend to be very conservative. When real traffic flow information is not
available, simplified probabilistic traffic load models based on assumptions about
traffic composition and position can be used. In this work, the maximum traffic
load effects have been estimated using the conventional traffic load model in the
most unfavourable configuration, taking into account the characteristic values.
Consequently, the parameters of the distribution corresponding to the traffic load
effects are calculated considering that the characteristic load values defined in
EC1 [11], correspond to the 95-th percentile of the probability distribution
function of the traffic load. The mean values of the traffic load effects were then
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estimated assuming a normal distribution with a CoV of 0.15. The relatively high
CoV values for traffic loads include not only the variability due to the load itself,
but also account for dynamic amplification, girder distribution, and load
modelling uncertainties [12]. Table 26 presents a summary of the statistical
parameters utilized for reliability index estimations in this study.

Table 26: Statistics of the resistance and bending moment variables
considered in the reliability analysis.

Box girder I-girder
Stochastic
variable M?an CoV M?an CoV
value o value o
Bending 533 31 joggs 12
resistance
Permanent
load 757.7 10.0 390.5 10.0
moment
Trafficload ()5 150 5469 150
moment

Using Eq. 96 and the data from Table 26, the reliability indices corresponding
to bending failure for the box and I-girder were calculated to be 12.9 and 11.2,
respectively. By comparing these estimated reliability indices with the target
values, it can be assumed that the structural members can be rated as safe.

The safety analysis conducted using the different safety formats discussed
earlier showed that the bridge, which was initially considered deficient using the
simplified approach, actually exhibits a good level of safety when the semi-
probabilistic approach, accounting for effective resistance, is employed.
Moreover, the measure of structural safety obtained from the probabilistic
analysis allowed for the explicit consideration of existing statistical data,
incorporating uncertainties related to material properties and applied loads.
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Chapter 6

Conclusions

6.1 Aim and main achievements

In the field of civil infrastructure, the management of the huge stock of existing
bridges and other civil structures world-wide is an extremely complex issue
involving technical, social, economic and political considerations. In recent
decades, this issue has gained even more social attention due to the rapid
deterioration of existing bridges. The main causes, which affect bridges at the end
of their design life or beyond, can be related to increased traffic flows,
environmental factors, widespread use of de-icing salts, limited maintenance
programme, low quality of structural materials and constructive details. As a
result, other to being structurally deficient due to deterioration, a bridge may be
functionally obsolete if it is designed to satisfy lower traffic loads despite being in
good technical condition. Therefore, structural assessment has become a crucial
task in modern civil engineering. In general, it can be defined as a multi-step
process, which refers not only to the level of refinement of the analytical models,
but also to the planning of the diagnostic campaign and the inherent level of
knowledge obtained. Before defining the analytical models and determining the
safety level, it is essential to know the actual condition of the structure. However,
the planning of a diagnostic campaign is subject to several constraints, such as
limited economic resources, poor accessibility, which can limit the reliability of
the estimated parameters and then the final rate assigned to the bridge. All these
remarks show that the structural assessment requires a rational judgement to cover
many technical and economic problems throughout the process. The structural
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assessment must be carried out at each stage by planning an adequate project of
all the relevant operations necessary to obtain reliable estimates of the safety level
in a cost-effective manner. However, if on the one hand, until recently, many
countries are establishing guidelines for safety assessment based on different
safety formats, there is a lack of an appropriate framework to establish reliable
and feasible techniques aimed at achieving a predetermined and acceptable level
of knowledge.

Therefore, the present research has been guided to respond to the following
general requirement: “fo define a reliable and feasible framework for the
structural assessment of existing prestressed concrete bridges”. The answers to
this main requirement have been supported by the unique opportunity to validate
methods and analytical models on full-scale PC girders. Therefore, a proper
experimental programme has been established within the BRIDGE|50 research
project to provide data on the performance of older girders and to aid management
agencies in decision-making policies regarding older structures. Based on these
purposes, the following research areas have been covered:

e Assessment of durability problems using NDT: the preliminary assessment
of the conservation state was based on the well-established visual inspection,
which aims to register visual signs of deterioration. However, visual
inspection can only detect corrosion if the increase in volume of the corroding
steel has resulted in concrete cracking and delamination. Therefore, the extent
of corrosion was assessed by combining half-cell potential mapping, concrete
resistivity, carbonation depth, and corrosion current density measurements.
The combined NDT tools were shown to provide a good overview of the
structural condition in terms of extent and rate of deterioration. The results
highlighted a good condition of the prestressing strands after 50 years of
service, which was also confirmed by direct inspection of the steel after
removal of the concrete cover. The practical application of the corrosion
monitoring techniques, being fast and low invasive, can be integrated into the
preliminary assessment of existing structures, at least in the most exposed
areas. Providing data only on the load-bearing capacity of components,
without objective information on the conservation state, could result in less
useful information for similar existing structures. For a comprehensive
assessment, such a test method should be consolidated as a standard within the
experimental activity and more systematic study of both residual strength and
NDT for corrosion evaluation should be promoted.
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Characterization of the mechanical properties of concrete based on both
NDT and limited destructive testing: reliable input parameters are the
fundamental prerequisite for a proper assessment process. However, due to
technical and economic limitations in performing destructive tests on existing
structures, only a limited amount of test data is generally available. Therefore,
an indirect testing method was evaluated by combining NDT and uniaxial
compression test results. A correlation model between the rebound index and
concrete compressive strength was then calibrated on samples taken from
limited areas. The mean value of the compressive strength estimated from the
conversion model and the rebound indices was found to be in agreement with
that obtained from the compression tests. Consequently, the adoption of such
an integrated approach in the structural assessment of existing bridges could
provide a relevant amount of information for the mechanical characterization
of the concrete, allowing the investigation of larger areas and reducing
statistical uncertainties.

Full-scale load testing of PC girders: one of the aims of the thesis was to
define a robust and systematic approach for the experimental investigation of
the structural behavior of full-scale PC girders in both serviceability and
ultimate conditions. Accordingly, the planning, design, and implementation of
such complex experimental research was detailed in terms of both loading and
measurement systems. Despite the simplification to disregard the actual
behavior of the deck as a system, such an approach allowed to perform full-
scale load tests in a controlled and reliable manner, without the problems of
traffic disruption and difficulties in accessing the bridge elements. The
execution of the full-scale load tests allowed to build up a huge informative
database on the structural performance of the PC girders, which have
experienced 50 years of service. Several aspects were investigated, such as
cracking and ultimate strength, stiffness, failure mode, composite behavior
between the I-girder and the top slab, different load test setups including both
three and four-point bending tests, structural behavior of elements with
artificially induced damage, and structural behavior of a box girder. Together
with information from NDT and destructive tests, it could provide a relevant
basis for practitioners and highway authorities to assess the safety of other
similar existing bridges.

Evaluation of residual prestressing force in existing PC bridges using
diagnostic tests: prestressed concrete girders have been widely used in the
construction of infrastructure assets. However, over time, the effective
prestress in the structures is reduced due to time-dependent phenomena.
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Consequently, an accurate estimation of the residual prestressing force
becomes crucial, primarily for serviceability verification. To this end, a
comprehensive experimental programme was designed to determine the
prestress loss in 50-year-old PC girders using the cracking load method, the
decompression load method, and the strand-cutting method. In addition, an
optimized version of the saw-cut method was proposed to standardize the
procedure and extend its applicability to in-service structures. Through
comparative analysis, the experimental results revealed varying degrees of
total prestress loss, ranging from 53.5% for the decompression method to
61.1% for the strand-cutting method. However, the cracking, decompression
and saw-cut methods showed consistent results, with an average prestress loss
of 55.1%. These findings highlighted the reliability and suitability of the saw-
cut method as an effective approach for assessing residual prestress in existing
PC bridges.

Prediction of prestress loss using numerical models: prestress losses in
concrete members are influenced by multiple factors, including, creep,
shrinkage, stress relaxation of prestressing strands, and external factors such
as deck placement. In this study, the theoretical models proposed by the EC2
and AASHTO codes have been examined to accurately capture these
complexities, considering the different levels of accuracy in each model. In
addition, an enhanced version of the EC2 formulation has been proposed
which allows the influence of the subsequent casting of the top slab to be
taken into account. This new approach enables a more refined representation
of prestress losses from the jacking stress to the casting of the top slab and the
long-term losses thereafter. The performance of the models was evaluated by a
comparative analysis, accounting for elastic shortening, concrete shrinkage,
creep, and strand relaxation effects. Discrepancies were observed in the
predictions of prestress loss between the EC2-based approaches and the
AASHTO model. Specifically, the AASHTO method showed higher estimates
of prestress loss due to concrete shrinkage and lower predictions for losses due
to strand relaxation. The proposed model, designed to reflect the actual
construction process, gives the highest prestress loss estimate due to strand
relaxation, considering both prestress transfer to deck placement and long-
term relaxation. The prestress loss predicted by the proposed model
demonstrated adequate agreement with experimental results, with the
exception of the strand-cutting method. In contrast, both American and
European code predictions exhibited unconservative estimates when compared
to the experimental values. Overall, these findings emphasize the importance
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of accurate and comprehensive models for estimating prestress losses in
concrete members considering real construction process.

Finally, for a rational prediction of the prestressing losses, a probabilistic
approach was also applied, considering the probability distribution of the input
parameters. The results show that all prestressing losses measured in the
experimental tests fall within the 95% confidence interval.

e Comparison of different safety formats ranging from deterministic to
probabilistic analyses within a multilevel assessment process: the safety
assessment was carried out using a multi-level approach ranging from
deterministic to probabilistic formats. In the first level of assessment, the
traffic load effects provided by the code at the time of construction were
assumed as the minimum resistance provided by the elements and compared
with the current traffic load prescriptions. In subsequent stages, the actual
bending capacity was taken into account by means of moment-curvature
analysis. The analytical model, validated against the experimental results,
provided sufficiently accurate predictions of the structural behavior and was
then used for the semi-probabilistic and probabilistic analyses at the second
and third levels of assessment, respectively. At the second level of assessment,
the actual resistance was estimated taking into account the average values of
the material properties provided by the destructive tests and the partial safety
factors defined by the Eurocodes. At the third level of assessment, the safety
check was performed in the form of a reliability index, taking into account the
uncertainties associated with the material properties and loads. Using the
deterministic approach, the structural members were found to have insufficient
load-carrying capacity. This was due to the increase in the current design load
compared to previous regulations. However, when the actual resistance of the
member was introduced in subsequent levels, the members passed the safety
check. The probabilistic assessment resulted in the most effective formats, as
it allowed to consistently model the different sources of uncertainty,
neglecting the adoption of partial safety coefficients. It also allows to carry out
sensitivity analyses and to properly plan the diagnostic campaign in order to
collect samples related to the most uncertain variables with the major
influence on the reliability index.

Finally, it can be concluded from the work presented that the acquisition of
experimental data on the structural behavior of older bridges is a key step for the
statistical characterization of infrastructure assets and its application to large-scale
approaches. Promoting experimental research on structural members after they
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have experienced real life conditions and increasing the informative database with
both durability and structural performance results could be useful to support the
updating of reliable service life models for our existing structures. Under such
conditions, detailed information on the current state of deterioration of the
infrastructure heritage could be defined on a national scale, differentiated by
structural typology, age, and exposure conditions. Accordingly, the level of safety
could be increased by predicting deterioration and planning rational maintenance.
The framework of the diagnostic campaign proposed in this thesis, could be useful
not only as a strategy in the experimental activity in terms of planning, execution
and evaluation of the tests, but also as a reliable tool for management agencies to
carry out a large-scale safety assessment of the infrastructure network.

6.2 Future research

From the experience gained during the experimental activities and analyses
detailed in this thesis, several aspects have been identified that merit further
research and are discussed below.

The structural assessment of full-scale girders after 50 years of service has
mainly focused on flexural or shear-flexural failure modes, assuming a fully
adherent reinforcement, and composite behavior between the precast girders and
the cast-in-place slab, as highlighted by the experimental evidence. The next stage
of the research project could focus on the study of the degradation phenomenon
due to corrosion and its influence on the structural performance of the PC girders.
To this end, girders deteriorated by natural or artificial corrosion could be
evaluated and tested with reference to the diagnostic campaign presented in this
thesis. Several aspects could be studied, such as the constitutive law of the
corroded steel reinforcement, the concrete-steel bond, the influence on the
residual prestress, and the change in the failure mode. The study will allow us to
verify the applicability of NDTs under different deterioration rates, validate
theoretical models, and support the development of durability models. In these
cases, the multi-level assessment for the safety check could be carried out by
considering the lowest resistance contribution to the load-carrying capacity.
Furthermore, the shear-induced failure mechanism could be studied by reducing
the shear span in the loading test configuration.

For the assessment of existing PC bridges, the estimation of residual prestress
is fundamental to the serviceability analysis. Since theoretical models for
predicting residual prestress have a range of uncertainties associated with the
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input parameters, it would be useful to derive such information directly from in-
situ measurements by NDT. The study reported in this thesis demonstrates that the
saw-cut method is a valuable procedure for practical application on existing
bridges. The proposed method allowed us to estimate the effective prestress in a
standardized manner and with a low impact on the structural members. However,
further investigations including more complex cases (i.e. statically indeterminate
schemes, parabolic alignment) need to be carried out.

For a comprehensive study of bridge rehabilitation problems, future works
could include not only assessment and evaluation techniques of their technical
condition but also strengthening techniques. For the PC girders investigated, the
load test results showed that the ultimate capacity was related to the crushing of
the deck slab. Therefore, a possible strategy could be its replacement with high-
performance concrete. In this way, a ductile failure mode could be achieved as
well as an extended service life by meeting higher traffic load requirements.

With the continuous advancement of science and technology, bridge
assessment will evolve in a scientific and standardized direction, providing
important technical support to management agencies. A great contribution could
be made by the development of digital twin bridges, which start their life at the
design stage and are updated throughout their life by monitoring or in-situ
measurements. With the structural condition recorded over time, effective
deterioration models could be calibrated to represent the evolution of
deterioration, such as to plan optimized maintenance works. By incorporating
economic information, both deterioration and cost trends could be continuously
monitored. In this way, the most effective maintenance options can be defined, as
well as a priority list for the entire bridge stock.
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Overview of the cracks mapping

Table A.1: Cracks mapping of B3-P47/46.

Crack Length Width

View nr. [mm] [mm)]
1 60 0.13

East 2 60 0.15
3 120 0.29

1 150 5.07

South 2 80 0.40
3 200 0.17

West 1 260 1.13

1 200 0.95

Bottom 2 70 0.18

3 140 0.26
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4 100 0.37
5 60 0.68
6 340 0.55
7 50 0.11

Table A.2: Cracks mapping of B8-P47/46.

Crack Length Width

View nr. [mm] [mm)]
East 1 120 0.16
1 40 0.30
South 2 560 0.13
3 120 0.97
1 40 0.23
I' 60 0.40
2 160 0.14
West 3 540 0.10
4 160 0.20
5 120 0.70

6 100 0.10
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7 260 0.16

Bottom 1 140 1.35

Table A.3: Cracks mapping of B4-P47/46.

Crack Length Width

View nr. [mm] [mm)]
East 1 220 0.51
1 400 0.14
2 540 0.13
South 3 140 0.10
4 420 8.25
5 40 0.27
1 240 1.95
2 140 1.54
3 260 0.33
West
4 400 0.11
5 100 0.47
6 120 0.61

Bottom 1 80 0.13
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2 140 0.19
3 260 0.31
4 60 0.16
5 140 0.17
6 120 0.22
7 180 2.09
8 40 0.27
9 140 0.18
10 80 0.22

Table A.4: Cracks mapping of B9-P47/46.

Crack Length Width

View nr. [mm] [mm)]

Bottom 1 60 0.23

Table A.S: Cracks mapping of B7-P47/46.

Crack Length Width

View nr. [mm] [mm]

North 1 140 0.10

South 1 40 0.30
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West 1 260 0.10

Table A.6: Cracks mapping of B6-Ab/P47.

Crack Length Width

View nr. [mm] [mm]
East 1 220 0.10
South 1 100 0.20
West 1 300 0.13

Table A.7: Cracks mapping of B6-P49/48.

Crack Length Width

View nr. [mm] [mm)]
North 1 560 0.16
West 1 200 0.15
1 80 0.14
2 40 1.10
3 120 0.81
Bottom
4 80 0.12
5 40 0.12

6 40 0.12
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8 80 0.13

Table A.8: Cracks mapping of B10-Ab/P47.

Crack Length Width

View nr. [mm] [mm)]
1 80 0.12
2 140 0.17
3 120 0.16

Bottom

4 100 0.14
5 120 0.21
6 80 0.19

Table A.9: Cracks mapping of B5-P47/46.

Crack Length Width

View nr. [mm] [mm)]
1 260 0.15

East 2 460 1.61
3 60 0.30

South 1 260 0.31
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180 0.23
500 0.14
120 0.54
80 0.10
20 0.90
100 0.10
420 0.10
120 0.14
West 260 0.31
160 0.40
360 1.09
280 0.23
60 1.20
240 1.12
160 0.23
Bottom
200 0.53
60 0.29
60 4.88
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7 60 0.50
8 100 1.47
9 260 0.33

Table A.10: Cracks mapping of Bx2-Ab/P47.

Crack Length Width

View nr. [mm] [mm)]
1 200 0.17

North
2 260 0.14
1 700 0.34
2 220 0.16
3 160 0.19
4 140 0.30
5 100 0.18

East
6 120 0.19
7 120 0.71
8 40 0.55
9 740 0.17

10 440 0.14
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11 180 0.14
12 480 0.16
13 200 0.14
14 140 0.13
15 220 0.13
16 240 0.24
17 220 0.29
18 80 0.20
19 120 0.24
20 80 1.10
21 160 0.44
22 100 1.93
23 140 0.75
24 440 1.12
25 140 0.66
26 180 0.56
South 1 260 0.21
West 1 420 0.10
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2 320 0.17
1 260 0.40
2 100 0.78
3 320 1.04
4 140 0.63
5 340 0.52
6 100 0.54
7 60 1.08
8 80 0.43
Bottom
9 80 0.27
10 440 0.58
11 100 0.38
12 300 0.83
13 80 0.48
14 280 0.64
15 100 0.44
16 200 0.11
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Electrochemical measurements

Corrosion potential (mV/CSE)
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Corrosion Rate (uA/cm?)

0 100 200 300 400 500 600 700 800 900 1000 1100 1200 1300 1400 1500 1600

Figure B.1: Corrosion measurements B3-P47/46 girder.
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Corrosion Rate (uA/cm?)

431
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259
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Figure B.2: Corrosion measurements B8-P47/46 girder.
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Corrosion Rate (nA/cm?)

I I 3 I I I " " " i v 0 D D " g g '
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Figure B.3: Corrosion measurements B4-P47/46 girder.
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Corrosion Rate (nA/cm?)

0 0 g i |
500 600 700 800 900 1000 1700 1200 1300 1400 1500 1600 1700

Figure B.4: Corrosion measurements B9-P47/46 girder.
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Corrosion Rate (nA/cm?)
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Figure B.5: Corrosion measurements B6-Ab/P47 girder.
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Corrosion Rate (nA/cm?)
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Figure B.6: Corrosion measurements B6-P48/49 girder.
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Corrosion Rate (nA/cm?)
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Figure B.7: Corrosion measurements B10-Ab/P47 girder.
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Corrosion Rate (nA/cm?)
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Figure B.8: Corrosion measurements B5-P47/46 girder.
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Layout of the monitoring systems

—— LVDT
] Rectilinear displ. transducer
= Rectilinear displ. transducer
o ‘Wire displ. transducer
A B SHI-5 A Tensile shear strain
SH1-5 B Compressive shear strain
SH6-10 A Compressive shear strain
SH6-10 B Tensile shear strain
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po1 D02 D03 Do4 DOS

Figure C.1: Test setup and layout of the monitoring system installed on B3-P47/46
girder (unit: cm).
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Figure C.2: Test setup and layout of the monitoring system installed on B8-P47/46
girder (unit: cm).
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Figure C.3: Test setup and layout of the monitoring system installed on B4-P47/46
girder (unit: cm).
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Figure C.4: Test setup and layout of the monitoring system installed on B9-P47/46
girder (unit: cm).
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il o

Fe=
2t 6 7 8 9 10 HO02
Qo STR-02
T ST o - -
I 147 L 196 i 181 n 250 | 176 L\
| } I : I Hinge
D05 D06 D07 D08 D09

Figure C.5: Test setup and layout of the monitoring system installed on B7-P47/46
girder (unit: cm).
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Figure C.6: Test setup and layout of the monitoring system installed on B6-Ab/P47
girder (unit: cm).
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Figure C.7: Test setup and layout of the monitoring system installed on B6-P48/P49

girder (unit: cm).
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Figure C.8: Test setup and layout of the monitoring system installed on B10-Ab/P47

girder (unit: cm).



214 Appendix C

650

F
S1ee]b$‘ XIA
vor q] 50 | | b Sgll
I =
I ic—-
HO1 1 2 A3 4
= 20—
e | -
STRM  °® — | *=] sg2 .
- - | IT 2T 3T
) / / | 160 L 260 L 180 X 190 L 160 '
Fixed support Roller l é l l
Do1 D02 DO3 Do4 DoS
F
ﬂ /‘ ybeam
| | q] Vo2
sl
——4C P
5 5 6 7 8
——6C
°° oo STR-02
S el —a
L 160 L 190 L 180 L 260 L 160 r\
| ! : : I Hings
D05 D06 D07 DO8 D09

Figure C.9: Test setup and layout of the monitoring system installed on B5-P47/P46
girder (unit: cm).
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Figure C.10: Test setup and layout of the monitoring system installed on Bx2-
Ab/P47 girder (unit: cm).
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Three-point bending test: full measurements
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Figure D.1: Deflection: (a) B3-P47/46, (b) B8-P47/46, (c) B4-P47/46, (d) B9-P47/46
girder.
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Figure D.2: Load-tensile strain curves: (a) B3-P47/46, (b) B8-P47/46, (c) B9-P47/46
girder.
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Figure D.3: Load-compressive strain curves: (a) B3-P47/46, (b) B8-P47/46 girder.
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Figure D.4: Vertical displacement of the supports for the B8-P47/46 girder.

Four-point bending test: full measurements
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Figure D.5: Deflection: (a) B7-P47/46, (b) B6-Ab/P47, (c) B6-P48/49, (d) B10-
Ab/P47, (e) B5-P47/46 girder.
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Figure D.6: Load-tensile strain curves: (a) B7-P47/46, (b) B6-Ab/P47, (c) B6-
P48/49, (d) B10-Ab/P47, (e) B5-P47/46 girder.
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Figure D.7: Load-compressive strain curves: (a) B7-P47/46, (b) B6-Ab/P47, (c) B6-
P48/49, (d) B10-Ab/P47, (e) B5-P47/46 girder.
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Figure D.8: Load-compressive strain curves (C-04, C-05, C-06, and T-06): (a) B6-
Ab/P47, (b) B6-P48/49, (c) B10-Ab/P47, (d) B5-P47/46 girder.
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Figure D.9: Load-shear strain curves: (a) B7-P47/46, (b) B6-Ab/P47, (c) B10-

Ab/P47, (d) B5-P47/46 girder.

Box girder load test: full measurements
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Figure D.10: Deflection of the Bx2-Ab/P47 girder.
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Figure D.11: Load-tensile strain curves of the Bx2-Ab/P47 girder.
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Figure D.12: Load-shear strain curves of the Bx2-Ab/P47 girder.
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Normal distribution fitting of mechanical properties
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Figure E.1: Normal distribution fitting of girder concrete strength.
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Figure E.2: Normal distribution fitting of girder concrete modulus of elasticity.
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Figure E.3: Normal distribution fitting of slab concrete strength.
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Figure E.4: Normal distribution fitting of slab concrete modulus of elasticity.
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Figure E.5: Normal distribution fitting of strand tensile strength.
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Figure E.6: Normal distribution fitting of strand modulus of elasticity.
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Figure E.7: Normal distribution fitting of rebar modulus of elasticity.
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Figure E.8: Normal distribution fitting of relative humidity.



